nonlinear analyses, response amplification factors can reach up to an order of magnitude (~10) for certain signals and certain relevant EDPs (see also (Perraud, et al., 2022)).

In this work, we perform a fragility analysis to gather the results of all possible single-performance scenarios in a continuous function. A single-performance scenario refers to the analysis of a unique structure under a given event. The distribution is measured by the probability density function (PDF) of a chosen EDP for an intensity measure (IM) of the characteristic ground motion: P(EDP-IM).
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Comparison between fragility curves with and without the

ORGANIZATION OF THE WP5.1 REPORT

This report is divided into five chapters. Following this short introductory chapter, Chapter 2 focuses on the implemented methodology to evaluate the available data and perform fragility and risk analysis in order to estimate the effects of surface waves on the seismic response of large-scale infrastructures, specifically, bridge pylons, and high-rise buildings. An in-depth description of the relevant methods is presented through a literature review. The following Chapters 3 to 4 go into the detail of the adopted assumptions for the numerical computations to evaluate the amplifications due to the surface wave presence for each structure seismic response.

Chapter 3, -Bridge pylons‖, describes the results of WP4.1 performed by (Perraud, et al., 2022), and compares them with the results issued from the nonlinear response analyses using more sophisticated assumptions, and summarizes the fragility and risk impacts due to surface waves.

Chapter 4, -High-rise buildings‖, performs the seismic fragility and risk analysis based on numerical nonlinear simulations using a new simplified model for buildings. The results of this study are confronted to the results found in the literature.

Finally, Chapter 5 provides a synthetic summary of the obtained results, the main conclusions and the perspectives of this work.

OVERVIEW

Even though it is widely recognized that surfaces waves at the edges of sedimentary basins significantly contribute to strong ground motions (Joyner, 2000) (Meza Fajardo et al., 2015), their effects on longperiod infrastructures such as liquid storage tanks, high-rise buildings, and tall bridge pylons are still not widely studied. Several research studies have been conducted to assess the response of these modern large-scale infrastructures to strong ground motions (Liu et al., 2021). However, to our knowledge, the direct effect of surface waves (in particular, Rayleigh waves) on their seismic response has not been explicitly assessed. A few research studies have suggested a decomposition of strong ground motions into a body wave and a surface wave component and have then quantified the effect of the surface wave component on high-rise buildings (Meza -Fajardo, et al., 2018) (Meza-Fajardo, et al., 2019), and bridge piers [START_REF] Chatzigogos | Nonlinear response of bridge pylons to surface wave passage[END_REF] (Perraud, et al., 2022).

Understanding and quantifying the contribution of Rayleigh waves on the seismic response of long-period structures involves some basic steps. In references (Meza Fajardo et al., 2019) [START_REF] Chatzigogos | Nonlinear response of bridge pylons to surface wave passage[END_REF]) [START_REF] Perraud | Effect of Rayleigh waves on seismic response of bridge pylons via Incremental Dynamic Analyses[END_REF], the following methodology is implemented: 1) Identification and extraction of Rayleigh waves component from 3D recorded ground motions. 2) Estimation of the seismic response of the analyzed structure subjected to ground motion with and without Rayleigh waves through, for example, time history analyses. 3) Estimation of response amplification associated with the incidence of Rayleigh waves for a number of relevant Engineering Demand Parameters (EDPs) according to the context of application.

Studies on high-rise buildings (Meza-Fajardo, et al., 2018) and liquid storage tanks [START_REF] Perraud | Effect of Rayleigh waves on seismic response of bridge pylons via Incremental Dynamic Analyses[END_REF] highlight maximum response amplification factors comprised between 2 and 3 for linear analyses. For METHODOLOGY FOR FRAGILITY CURVE 2.

CALCULATION

CONTEXT

The main objective of this chapter is the definition of the methodology for the generation of fragility curves and for the quantification of risk. The literature identifies three main methods for the generation of fragility curves: empirical, analytical, and through expert judgment. Herein, we focus on the analytical procedures issued from numerical simulations to obtain the seismic fragility of all the studied structures. Four necessary components of this approach are then described: selection of ground motions (GMs), analysis of the seismic response of structures, damage state limit definition, and computation of probability. Based on the literature, common numerical methods for the construction of seismic fragility curves are introduced and analyzed in order to enrich the state-ofthe-art and finally to present the adopted methodology within the framework of this study.

DEFINITION OF SEISMIC FRAGILITY

There is a very tight relationship between seismic fragility and seismic vulnerability. In various cases, these two terms are interchangeably used (e.g., [START_REF] Symeon | Chapter 5 -Vulnerability Assessment of Water Distribution Networks Under Seismic Loads[END_REF]) and no clear distinctions are made by earthquake engineers. Moreover, seismic vulnerability of structures is very often presented through fragility curves in most of the recent studies. However, fragility and vulnerability are actually distinct terms that need to be appropriately defined. The term -fragility‖ can be defined as the proneness of a structure to reach a specific damage state when subjected to a seismic action. Fragility is commonly represented by a damage probability curve as function of a seismic intensity measure (e.g, peak ground acceleration or spectral acceleration). The term -vulnerability‖ can be defined as the degree of loss to a given structure due to the occurrence of a seismic event and usually is represented through the ratio of the expected loss to the maximum possible loss, on a scale from 0 to 1 or from 0% to 100% [START_REF] Andrew | Spence Robin and Comerio Mary Earthquake Protection[END_REF].

Seismic fragility gathers generalized information of multiple single deterministic-based structural analyses where the capacity of several structures subjected to different seismic ground motion intensities is evaluated. The study of a single capacity-demand scenario provides a probability of the demand exceeding the capacity equal to either 0 or 1 (not exceedance or exceedance of the capacity). However, a fragility analysis involves the results of all possible single scenarios in a continuous function [START_REF] Konstantinos | Seismic Fragility Functions via Nonlinear Response History Analysis[END_REF]. This function, named fragility function, is a conditional probability expressing the likelihood that a structure seismic demand, or engineering demand parameter (EDP), meets or exceeds a specific level of damage (D) under a specific ground motion intensity measure (IM). The failure probability assuming that EDP and D follow a log-normal distribution (e.g., [START_REF] Kottegoda | Statistics, Probability and Reliability for Civil and Environmental Engineers[END_REF], [START_REF] Reed | Methodology for developing seismic fragilities[END_REF]) can be written, for example, as:

| ( ⁄ ) ( )
where [.] is the standard normal cumulative distribution function. and are the median values of the demand and capacity, respectively. is the logarithmic standard deviation defined by: √

( ) √∑ ⁄ ( ) √ ( )
where is the number of ground motions. Quantity is the peak value of the seismic response demand under the -th ground motion. Quantity is the variation coefficient of the component capacity. A commonly adopted value of is 0.25 for the slight and moderate damage states, and 0.5 for the severe and complete damage states [START_REF] Nielson | Analytical fragility curves for highway bridges in moderate seismic zones[END_REF]. This assumption is based on the fact that the higher the damage state is, the lower is the reliability and the larger is the uncertainty. Fragility curves provide inherently uncertain quantifications of fragility that may come from several sources of both random and epistemic uncertainty [START_REF] Konstantinos | Seismic Fragility Functions via Nonlinear Response History Analysis[END_REF]. The term -uncertainty‖ comes from the imperfection of the available information that may have its origins from different sources such as record-to-record variability, the model-type, model-parameters, method-related, limit state capacity, etc…In other words, the uncertainty is a measure of the variability in the data. The epistemic uncertainty may be reduced by using more sophisticated structural models and/or collecting new data and/or enlarging the number of records. There are various fragility studies that account for all types of uncertainties. For example, Jalayer et al. (2010Jalayer et al. ( , 2011[START_REF] Jalayer | Gaetano Bayesian Cloud Analysis: Efficient structural fragility assessment using linear regression[END_REF] incorporates structural modeling uncertainties for Italian existing reinforced concrete buildings. [START_REF] Fatemeh | Record-to-record variability and code-compatible seismic safety-checking with limited number of records[END_REF] focuses on the uncertainties linked to record-to-record variability. In the present work, we do not consider the uncertainties of the data. Only the variation coefficient of the structural capacity is incorporated into the computation of fragility. The cumulative distribution function or fragility curve follows a S-shape curve as presented in Figure 1. The main characteristics are controlled by the median value and the dispersion of the treated data. For instance, if a future earthquake event reaches a certain IM value, information on the p robability of driving the structure to a limit state is immediately provided. Thus, if the seismic intensity equals the median IM capacity, there is a 50% probability that the structure's response exceeds the associated limit state.

Figure 1. Schematic representation of a fragility curve

The form of the fragility curve depends on the values of median and dispersion . Figure 2 and Figure 3 schematize the influence of the variation of and on the probability density functions and the cumulative distribution functions, respectively. For any increment of , the fragility curves translate to the right (with the same ) while any increment of produces a vertical squeeze on the fragility curve (with the same ). 

COMMON METHODOLOGIES FOR THE CONSTRUCTION OF FRAGILITY CURVES 2.2.1

The development of fragility curves is, by now, well documented. The HAZUS Earthquake Technical Manuals (FEMA, 2003) provide detailed information on the procedure for deriving the fragility curves for different types of structures such as buildings and bridges. Fragility curves can be generated empirically, analytically, and based on expert opinions. Empirical fragility curves are commonly developed based on the damage reports issued from past earthquakes [START_REF] Jaiswal | Developing Empirical Collapse Fragility Functions for Global Building Types[END_REF]. In-situ observations and data from the real seismic recordings are correlated to develop the fragility curves. The information for these fragility curves is limited by the number of inspections that can be performed. Although, the information source can be highly-reliable, the data may not be enough to build fragility curves at various damage levels. In this case, analytical fragility curves can be preferred. These curves are obtained from numerous numerical simulations of the seismic response of mathematical models. The selection material constitutive laws, and, in general, the construction of the mathematical model can highly influence the level of uncertainty and reliability of the curves.

Full nonlinear time history analyses become very popular for the fragility assessment of several types of structures. [START_REF] Konstantinos | Seismic Fragility Functions via Nonlinear Response History Analysis[END_REF] [START_REF] Jack | Efficient analytical fragility function fitting using dynamic structural analysis[END_REF] provide a synthetic overview onto the construction of seismic fragility distribution using nonlinear time-history analyses. Herein, we present the most common strategies to generate the data needed for development of fragility curves based on seismic demand and intensity measures.

The fragility function definition needs a wide-range assessment of structural response at multiple levels of intensity. Three procedures are regularly implemented for the generation of the data that analytical fragility curves require [START_REF] Jack | Efficient analytical fragility function fitting using dynamic structural analysis[END_REF] (Vamvatsikos, 2015) [START_REF] Jalayer | Alternative non-lineardemand estimation methods for probability-based seismic assessments[END_REF]: cloud analysis, stripe or multi-stripe analysis, and incremental dynamic analysis.

CLOUD ANALYSIS

Cloud analysis usually involves numerous sets of un-scaled ground motion time-histories. This implies that there are sufficient seismic records at different IM levels to induce the desired damage state on the studied structures. The relationship plot between IMs and EDPs produces a cloud of points where each point corresponds to one analysis as shown in Figure 4(a). Although cloud analysis has been found to be an efficient method for fragility assessment (Cornell, et al., 2002), one of its limitations rises on the fact that the available strong motions producing structural behavior near collapse may be insufficient. Another limitation, common in numerical simulations, is that several ground motions may lead to convergence issues that may cause the exclusion of some data points in the IM-EDP regression analysis reducing the available data. This issue is addressed in, e.g., [START_REF] Miano | Cloud to IDA: Efficient fragility assessment with limited scaling[END_REF], through a procedure based on a combination of a linear regression and logistic regression that accounts for cases when the structure becomes dynamically unstable. Implementations of the Cloud analysis in study modeling uncertainties, record-to-record variability are available in [START_REF] Jalayer | Gaetano Bayesian Cloud Analysis: Efficient structural fragility assessment using linear regression[END_REF].

STRIPE ANALYSIS

Contrary to cloud analysis, stripe analysis, or multi stripe analysis (MSA), can utilize scaled ground motions at different IM levels. The variation of IMs can be reached by scaling fixed records to several levels of intensity or using a separate set of natural records for each level of IM. Each record is typically scaled only once. Stripe analysis points are aligned at several specific IM levels giving rise to -stripes‖ as shown in Figure 4(b). Representative works using MSA are [START_REF] Bazzurro | Three proposals for characterizing MDOF non-linear seismic response[END_REF] [START_REF] Jalayer | Alternative non-lineardemand estimation methods for probability-based seismic assessments[END_REF] [START_REF] Baker | Probabilistic structural response assessment using vector valued intensity measures[END_REF]. The selection of site specific seismic records is usually performed though methods such as the conditional mean spectrum [START_REF] Baker | Conditional Mean Spectrum: Tool for ground motion selection[END_REF].

INCREMENTAL DYNAMIC ANALYSIS (IDA)

The method of incremental dynamic analysis (IDA), proposed and implemented by [START_REF] Vamvatsikos | Incremental dynamic analysis[END_REF] is by now a commonly used approach, where a set of ground motions is repeatedly scaled to find the IM level at which each ground motion causes collapse (Figure 4(c)). Its main disadvantage is the scaling process itself with the use of the same set of GMs for all intensity levels that could create -nonrealistic‖ seismic ground motion scenarios. Additionally, this strategy could be computationally expensive as it requires preforming many structural analyses with increasing levels of IMs. The scaled representation of real occurrences of GMs could be questionable at very large IM levels.

A partial IDA is called Truncated Incremental Dynamic Analysis. In this method not all the GMs are scaled to IM values that cause collapse of the structure. In other words, if n ground motions are used in the analysis, there are generally m ground motions that cause collapse at IM levels lower than IMmax, and n-m ground motions that did not cause collapse prior to the analyses being stopped [START_REF] Jack | Efficient analytical fragility function fitting using dynamic structural analysis[END_REF]. (Vamvatsikos, 2015) Because the type of data collected in these three methods differs, the appropriate approach for estimating fragility functions from the data also differs. Numerous strategies are available in the literature for the development of analytical fragility curves: moments approximation (e.g., Ibarra et al., 2005), maximum likelihood formulations [START_REF] Jack | Efficient analytical fragility function fitting using dynamic structural analysis[END_REF], or regression techniques (e.g., (Cornell, et al., 2002) and [START_REF] Nielson | Analytical fragility curves for highway bridges in moderate seismic zones[END_REF]). Each method can produce different fragility curves for a given dataset of structural response and one needs to use the most adapted method depending on the available data. For example, [START_REF] Jack | Efficient analytical fragility function fitting using dynamic structural analysis[END_REF] recommends using the maximum likelihood method for Truncated IDA data in order to produce more efficient fragility estimates. Cloud analysis points are usually treated with linear regression techniques. Figure 5 shows the most common recommended techniques for the development of fragility curves depending on the type of analysis used according to [START_REF] Jack | Efficient analytical fragility function fitting using dynamic structural analysis[END_REF].

Figure 5. Types of recommended procedures on the calculation of fragility curves for each type of analysis according to [START_REF] Jack | Efficient analytical fragility function fitting using dynamic structural analysis[END_REF] In the context of evaluating the effects of Rayleigh waves on the seismic response of bridge pylons, (Perraud, et al., 2022) utilize an IDA procedure to perform structural analyses. The procedure used can be considered as a truncated IDA scaling approach at specific IMs since GMs are scaled at specific IMs values, until an established IM. Figure 6(a) presents an example of the IDA curves obtained in (Perraud, et al., 2022) for a 30m high RC bridge pier. The selected IM is the peak ground velocity (PGV) and the EDP corresponds to the maximum curvature ductility ratio (CDR) at the base of the pier. Each line corresponds to a different GM and each point to a distinct analysis. (a) (b) Figure 6. IM and EPD relationship resulting from a truncated IDA analysis at fixed IM levels performed in [START_REF] Perraud | Effect of Rayleigh waves on seismic response of bridge pylons via Incremental Dynamic Analyses[END_REF]. (a) IDA curves and (b) linear regression. PGV is taken as the IM, and CDR is taken as the EDP

COMMON INTENSITY MEASURE SELECTION 2.2.2
A sufficient intensity measure (IM) should essentially be able to capture all seismological information needed to determine the effect of a Ground Motion (GM) record on the structure being investigated [START_REF] Jalayer | Intensity measures of ground shaking based on information theory[END_REF]. Numerous research works have studied the correlation between IMs and EDPs for several types of structures [START_REF] Luco | Structure-specific, scalar intensity measures for near-source and ordinary earthquake ground motions[END_REF] [START_REF] Burrati | A comparison of the performance of various ground-motion intensity measures[END_REF] [START_REF] Biaso | Ground motion intensity measures for seismic probabilistic risk analysis[END_REF]. In general, PGA and seem so far to be the most common intensity measures used to relate the seismic demand of civil engineering structures. The use of a specific IM can be chosen according to dominant vibration modes. For first-modedominated structures, 5% damped first-mode pseudo-spectral acceleration is found to be appropriate for brittle or moderately ductile behavior [START_REF] Shome | Earthquakes, records, and nonlinear responses[END_REF] [START_REF] Shome | Probabilistic Seismic Demand Analysis of Nonlinear Structures[END_REF]. For high-mode-dominated structures, usually characterized for their high ductility and fast incursion into the nonlinear behavior, geometric mean of spectral acceleration values at several periods is preferred (Cordova et al., 2000) (Vamvatsikos, 2015) (Bianchini et al., 2009). [START_REF] Nicolas | Allin Structure-Specific Scalar Intensity Measures for Near-Source and Ordinary Earthquake Ground Motions[END_REF] proposes a compound IM based on the inelastic spectral displacement for first mode and the elastic spectral displacement for second mode. For long-period RC structures such as bridge piers, PGV has been found to be the most efficient among the tested IMs [START_REF] Pejovic | Selection of Ground Motion Intensity Measure for Reinforced Concrete Structure[END_REF]) (Perraud, et al., 2022) (Wei, et al., 2020) [START_REF] Wen | Effects of ground motion scaling on the response of structures considering interdependency between intensity measures and scale factors[END_REF]. According to (De Biaso M, 2014), IMs can be classified into three groups: amplitude-based, frequency-response based, duration-based (also called energy based by (Bard, 2011)).

AMPLITUDE-BASED IMS

Amplitude-based IMs depend on the time domain histories of the displacement, velocity, and acceleration. The amplitude-based parameters such as peak ground acceleration (PGA), peak ground velocity (PGV) and displacement (PGD) help to characterize the seismic events in a quick manner because can be easily obtained via a peak picking procedure. However, these IMs do not provide information about the signal duration or the frequency content of the excitation.

| | ( ) | | ( ) | | ( )

FREQUENCY-RESPONSE BASED IMS

Two types of spectra are currently used. Elastic response spectra, which are mostly used by engineers and also Fourier spectra, which are preferred by seismologists.

• Pseudo velocity ( ) and pseudo acceleration ( ) spectra , ( )

• Spectral intensity (SI) defined by (Housner,1959)

∫ ( )
The spectral intensity represents the area under the pseudo velocity spectrum, the interval of integration (0.1-2.5 s) being chosen as representative of civil engineering structures.

DURATION-BASED IMS

Some well-known duration-based IMs are the following:

Arias intensity ( ) can serve as a measure of the total energy of a signal ( )

where g is the acceleration of gravity 9.81m/s 2 , and W∞ is the final value of the increasing function known as -Husid plot‖ which is directly proportional to the energy of the acc ele ra tio n signal a(t).

• Cumulative absolute velocity ( ) integrates the absolute value of acceleration over the whole signal duration or a reduced part of the signal according to a specific duration.

∫ | | ( )
where t is the time and a(t) is the acceleration time series of total duration

• Root mean-square acceleration is the relationship between the Arias Intensity IA and the effective duration (or significant duration) of the earthquake.

( ) ( )
where D is the strong motion duration of the time series, which is defined in terms of the 90% of cumulative energy as : and ∫ ( ) where and represent the specific times at which 95% and 5% of the cumulative energy are reached.

ADOPTED METHODOLOGY FOR THE CALCULATION OF FRAGILITY

CURVES

Methodologies for the calculation of fragility curves have by now been studied extensively and they have been described by numerous guidelines. In the form developed by the Pacific Earthquake Engineering Research (PEER) Center, the fragility calculation methodology can be implemented in four processes: hazard analysis, structural analysis, damage analysis, and loss analysis as mentioned by (De Biaso M, 2014) and [START_REF] Nielson | Analytical fragility curves for highway bridges in moderate seismic zones[END_REF]. In this work, these processes generally entail four stages: ground motion selection, structural response assessment, damage state definition, and generation of fragility curves as schematized in Figure 7. [START_REF] Nielson | Analytical fragility curves for highway bridges in moderate seismic zones[END_REF].

In the first stage, the available set of natural seismic records is studied and characterized through IMs and histograms plots. We assemble the ground motions applicable to the area of interest and number of IM are chosen to represent this seismic data set. In this work, we make use of two different sets of records whose Rayleigh wave and Love wave components were extracted through the procedure developed in (Meza -Fajardo, et al., 2015) and previously presented in ANR Modulate deliverable 2.2. The data set N°1 is a 12-record data set used for the analysis of the seismic response of a set of high-rise buildings in (Meza- Fajardo, et al., 2018) and for the assessment of the nonlinear response of bridge pylons in [START_REF] Chatzigogos | Nonlinear response of bridge pylons to surface wave passage[END_REF] (Perraud, et al., 2022). This data set is used in transient analysis for comparison purposes with previous studies and understanding of the fragility assessment procedure via IDA curves. The data set N°2 is a larger data set of 78 natural seismic records that serves to carry further fragility analysis under a cloud analysis framework.

The second stage involves structural seismic response assessments in a nonlinear framework through transient analyses. We select samples of the subject structure. The structure geometric parameters such as diameter and length are varied from a model to another. Each studied structure is modeled mathematically and subjected to the seismic excitation records selected in the previous stage. We search to minimize the computational resources using simplified but robust models for each structure typology (i.e., bridge pylons and high-rise buildings). Peak responses are extracted and plotted versus a specific IM for that ground motion. The correlation between the EDPs of each structure (e.g., maximum structural drift, maximum interstory drift, foundation settlement) and the selected IMs is analyzed to select the most appropriate one. At this stage, we establish a probabilistic seismic demand model (PSDM) that fits the data (e.g., normal distribution model).

The third stage concerns the damage state limits definition. The damage thresholds are highly dependent on the material and geometric properties assumed for the studied structures. Several damage states such as slight, moderate, extensive, and collapse are defined either according to the literature (e.g., HAZUS-MH (FEMA, 2003)) or based on nonlinear numerical simulations (e.g., first mode pushover analysis).

Finally, the generation of the fragility curves for each damage state is performed in the fourth stage. For that, the fragility parameters (e.g., and ) are estimated.

We recall here that our final interest is to identify and quantify the effects of Rayleigh waves on the fragility of long-period structures. In order to do this, we perform a comparison of the results at each of the aforementioned stages between two seismic loading cases: The comparisons between Case 1 and Case 2 are performed systematically through the process of calculation of the fragility curves and the evaluation of risk.

GROUND MOTION WITH STRONG SURFACE WAVE COMPONENT -SELECTION 2.3.1

This work utilizes two natural ground motion datasets to perform a series of fragility analyses of numerous long-period structures and to examine the amplification due to the presence of surface waves.

All the GM records are processed to extract Rayleigh waves. The technique used is the one proposed by (Meza-Fajardo, et al., 2015): polarization filtering technique based on the time-frequency representation of the signals (Stockwell transform, (Stockwell RG, et al., 1996)) and the Normalized Inner Product as the mathematical indicator of the polarization. This technique requires 3D displacement-time history obtained from site recorded acceleration time histories. The threecomponent recorded signals are frequency filtered with a band-pass filter between 0.05 and 20 Hz using a second order Butterworth filter and integrated in time twice.

Herein, the characterization of ground motions is performed by several intensity measures such as peak ground acceleration (PGA), peak ground velocity (PGV), peak ground displacement (PGD), Arias intensity ( ), cumulative absolute velocity (CAV), spectral intensity (SI), and effective duration (Table 1). 

DATA SET N°1

This GM data set consists of 12 natural seismic records from four earthquake events: Niigata-ken Chuetsu ( 2004), El Mayor-Cucapah (2010), Chi-Chi aftershock (1999), andTohoku (2011). The records were obtained from national databases and their Rayleigh wave component was extracted through a timefrequency procedure based on the normalized inner product (polarization filtering) developed by (Meza-Fajardo, et al., 2015), and recently implemented by [START_REF] Jorge | Influencia de las ondas superficiales en la respuesta sismica de edificios durante el sismo del 19 de septiembre de 2017[END_REF][START_REF] Jorge | Observation of Rayleigh waves in Mexico City Valley during the 19 September 2017 Puebla[END_REF]. These records have been used in previous works for the study of the effects of Rayleigh waves on the response of bridge pylons [START_REF] Chatzigogos | Nonlinear response of bridge pylons to surface wave passage[END_REF] (Perraud, et al., 2022) and high-rise buildings (Meza -Fajardo, et al., 2018) (Meza-Fajardo, et al., 2019). Intensity measures of these records are presented in Table 2.

Figure 8 gathers the PGA and the 5% damped spectral acceleration values for the selected records. The red color is for the signals obtained after the Rayleigh wave extraction procedure (Case 1), and the blue color provides information about the total signal (Case 2). Note that the strongest ground motion record is the one recorded during the Tohoku event at station TKY018 (PGA=1.73m/s 2 ). A 20% increase is obtained in PGA in passing from Case 1 to Case 2.

A radar representation for the intensity measures of both loading cases is also presented in Figure 9. In this figure, all records are scaled at a reference PGV = 0.2m/s for Case 1. The Case 2 records are multiplied by the same factor as the one used for Case 1. The central frequency of the extracted Rayleigh wave components has been reported in (Meza Fajardo et al., 2018) and varies between 0.14Hz and 0.20 Hz for the considered signals. 

DATA SET N°2

In total 12572 records of high-quality seismic recordings databases from Japan and the United States are explored. The studied basins and the number of recorded events are:

• Nobi basin: 17 events/27 stations

• Kanto basin: 89 events/152 stations

• Los Angeles basin: 23 events/360 stations

The description of the recorded events can be found in the WP2.1 report (Meza-Fajardo, et al., 2019).

Major seismic events such as Tohoku (11/03/2011) and Northridge (01/17/1994) are included in the GM records. The GM records used in this study have sampling rates of 100 Hz and 200 Hz for Japanese and Los Angeles records, respectively. The Love waves as well as the prograde and retrograde components of Rayleigh waves are dully extracted from the original GM records by (Meza-Fajardo, et al., 2019) using the normalized inner product technique proposed by (Meza Fajardo, et al., 2015).

We are interested in performing time history analyses accounting only for the Rayleigh wave components.

Love waves have been reported to be much less significant than Rayleigh waves in (Meza -Fajardo, et al., 2019[START_REF] Jorge | Influencia de las ondas superficiales en la respuesta sismica de edificios durante el sismo del 19 de septiembre de 2017[END_REF].

We search to reduce the number of GM records while preserving the distribution of three intensity measures; the peak ground acceleration (PGA), peak ground velocity (PGV), and central frequency (fc) of the total GM set. Our objective is to limit the number of numerical analyses to the use of the most harmful GMs while keeping results very close to the global.

Three strategies are used to perform the selection of GMs; simple picking, Latin hypercube sampling method (LHS), and Conditional Mean Spectrum (CMS). The simple picking strategy helps to remove the GM records with the lowest intensity measures. The LHS draws a specific number of GM records that keep the distribution characteristics of the total data set. And finally, the CMS contributes to the selection of the GM records matching target spectra accelerations at a given period.

 Simple picking strategy: 651 out of 12572 records were selected based on the following criteria 1) PGV of body waves higher than 0.05 m/s (722 out of 12572 records) 2) SI ratio higher than 1. SI ratio is defined as {SI of total wave} / {SI of body wave}, where SI is the spectral intensity computed as the cumulative area under PSv (0.1s < T < 2.5s) (651 out of 722 records). This criterion helps to remove the GM records where the pseudo acceleration spectra of the body wave component could be apparently higher than the total wave component due to numerical integration issues in the frequency band of interest (see Figure 10).  Latin hypercube sampling (LHS) In order to reduce the computational cost, while not degrading that much the representativeness of the dataset, we used LHS technique instead of a classic Monte Carlo technique. It allows well covering a uniformly distributed multidimensional space. The main idea behind this approach is the equal stratification of the probability distribution (see Figure 12).

Figure 12. Schematic stratification of the probability distribution domain during the LHS method for one variable [START_REF] Abdoul | Taciroglu Ertugrul Structural seismic damage and loss assessments using a multi-conditioning ground motion selection approach based on an efficient sampling technique[END_REF] In one-dimensional sampling, the random selection is limited to one sample per stratification. In a two-dimensional sampling, or two-dimensional grid space, only one sample is selected for each row and each column. This method can be generalized to any dimension. In other words, any number of variables can be used by saving the position of each selected sample. The LHS method is described by [START_REF] Mckay | A Comparison of Three Methods for Selecting Values of Input Variables in the Analysis of Output from a Computer Code[END_REF][START_REF] Mckay | A Comparison of Three Methods for Selecting Values of Input Variables in the Analysis of Output from a Computer Code[END_REF] and formally presented by [START_REF] Ronald | An Approach to Sensitivity Analysis of Computer Models: Part I-Introduction, Input Variable Selection and Preliminary Variable Assessment[END_REF][START_REF] Ronald | An Approach to Sensitivity Analysis of Computer Models: Part I-Introduction, Input Variable Selection and Preliminary Variable Assessment[END_REF]. This method has been widely utilized to facilitate the selection of ground motion records in multiple engineering applications. For example, structural damage studies for reinforced concrete buildings [START_REF] Abdoul | Taciroglu Ertugrul Structural seismic damage and loss assessments using a multi-conditioning ground motion selection approach based on an efficient sampling technique[END_REF], uncertainty studies in structural modeling parameters (Zhongxian et al 2014), (Deco et al 2013), Increment Dynamic Analysis for steel structures integrating the variability of structural modeling parameters and GM records (Vamvatsikos and Fragiadakis 2010), generation of random stochastic inputs [START_REF] Milad | Sensitivity analysis of earthquake hazard in Húsavík, North Iceland from variable seismicity and ground motion models[END_REF], generation of samples for concrete gravity dam models in fragility assessment [START_REF] Segura Rocio | On the Seismic Fragility Assessment of Concrete Gravity Dams in Eastern Canada[END_REF], selection of up to three-component GM sets [START_REF] Konstantinos | Efficient selection of up to three-component ground excitation sets for earthquake engineering applications[END_REF], among others. Herein, we utilize an extension of the LHS called the LHS with multidimensional uniformity (LHSMDU) proposed by [START_REF] Jared | Latin hypercube sampling with multidimensional uniformity[END_REF]. LHSMDU has been effectively tested in multivariable problems (e.g., [START_REF] Han | Developing a parametric morphable annual daylight prediction model with improved generalization capability for the early stages of office building design[END_REF] or [START_REF] Muhammad | Inferring structure and parameters of dynamic system models simultaneously using swarm intelligence approaches[END_REF]) and a python library for its implementation is publically available at: https://dx.doi.org/10.5281/zenodo.2578780. In order to apply the LHSMDU, we need to establish the number of multispace variables and the number of samples to be selected. In our case, only three intensity variables are treated: PGA, PGV, and . We desire to perform a cloud analysis using at least 80 GM records per type of loading (i.e., with or without the presence of surface waves).

The application of LSHMDU method over the dataset with 3 variables draws 78 GM records. 
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 Conditional mean spectrum (CMS) CMS is a method for ground motion selection and scaling proposed by Baker [START_REF] Baker | Conditional Mean Spectrum: Tool for ground motion selection[END_REF] and improved by colleagues [START_REF] Jayaram | A computationally efficient ground-motion selection algorithm for matching a target response spectrum mean and variance[END_REF] [START_REF] Jack | An Improved Algorithm for Selecting Ground Motions to Match a Conditional Spectrum[END_REF]. CMS serves to the selection of ground motions that match a target mean, variance, and correlations of response spectral values at a given range of periods. Our interest by using CMS is to generate a ground motion set having a specified spectral acceleration at the fundamental periods of the treated structures. We intend to avoid bias in the structural response during the seismic analysis. Herein, we use the existing algorithm coded in MatLab and available at https://github.com/bakerjw/CS_Selection. The code repository is enriched with metadata for various ground motion databases (e.g., BroadBand Platform, PEER NGA, Cybershake). We have incorporated the data base of the dataset N°2 which includes the spectral accelerations computed for the total wave, the extracted Rayleigh wave, and the body wave components. This database is downloadable from: https://github.com/cafariza/GM_DataBase. Details on the implementation of the CMS tool can be found in [START_REF] Baker | Conditional Mean Spectrum: Tool for ground motion selection[END_REF]) [START_REF] Jayaram | A computationally efficient ground-motion selection algorithm for matching a target response spectrum mean and variance[END_REF]) [START_REF] Jack | An Improved Algorithm for Selecting Ground Motions to Match a Conditional Spectrum[END_REF].

The target response spectrum is computed statistically with the prediction ground motion model by [START_REF] Boore | NGA-West2 Equations for Predicting PGA, PGV, and 5% Damped PSA for Shallow Crustal Earthquakes[END_REF] as a function of the earthquake magnitude , distance to the surface rupture , and the local site conditions (e.g., the average shear wave velocity of the first 30 m of soil column ). Only the spectral acceleration of the body wave component of the 78 ground motion records (dataset N°2) are scaled to match the conditional mean spectrum at the target spectral value of . The results for a scenario of magnitude located at 11 km with m/s as an average in Kanto, Japan are presented in Figure 17. The body wave component response spectra of the 78 ground motions and the mean spectrum conditioned to are presented. The maximum scaling factor is limited to 15. Table 3 summarizes the selection parameters and the target earthquake scenario values.

As can be seen in Figure 18, the matching between the target mean and the mean of the records is good. The resulting 78 scaling factors are used to multiply the acceleration GM records for both the body and the total wave components. The PGA and PGV values of the scaled GM records are shown in Figure 19. Notice that the maximum PGV and PGA values are now 1.6 m/s and 21.4 m/s 2 , respectively. Dynamic nonlinear response computations for the studied structures focuses on performing two major steps; the selection of a modeling strategy (e.g., boundary conditions, material constitutive laws, dynamic governing equations) and the definition of the dynamic loading conditions. The nonlinear response analyses are conducted on bridge pylons and high-rise buildings (HRBs). These structures were studied previously in ANR Modulate deliverable 4.1 (ANR Modulate, 2021) and their results are used partially in this work for comparisons and understanding of the selected methodology for the fragility assessment. The current work intends to adapt the models in order to obtain fragility curves, and to see the influence of Rayleigh waves on these curves.

Bridge pylons are modeled with a finite element method (FEM)-based software (Seismosoft, 2011) while HRBs are modeled using analytical based formulations and the HBFEM model [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF].

The numerical simulations follow IDA principles and cloud analyses. The IDA procedure is implemented only using the data-set N°1. The seismic signals of case 1 (exempted of Rayleigh waves) and case 2 (with Rayleigh waves) are multiplied by the same scale factor (SF) to reach specific IM levels. On the contrary, the cloud analysis is performed using the data-set N°2 without any SF for both loading cases. Special attention is given to the selection of EDPs according to the structure typology and the implemented modeling technique. The fragility of structures can be significantly affected by the selection of seismic demand parameters [START_REF] Xu Chen | Fragility analysis of tall pier bridges subjected to nearfault pulse-like ground motions[END_REF]. EDPs for the treated structures are defined in terms of kinematic quantities such as top displacement, drift, settlement, curvature or in terms of force such moment at the base or base shear. In the case of bridge pylons, ANR-Modulate derivable 4.1 demonstrates that the foundation size determines the location of most pronounced nonlinear response: at foundation level or in the superstructure. The nonlinear response of pylons founded on large foundations is localized within the concrete pylon, governed by large top displacements and significant ductility demands. For small foundations, large displacements are also obtained at the pylon top, but are associated with significant foundation rotations and settlements. In such a case, the concrete pylon response remains in the linear elastic range. Thus, depending on the foundation size or the nonlinear response localization, the fragility curves are generated using the relevant EDP. Fragility functions for pylons with large foundations are built by using the curvature ductility ratio (CDR) as EDP, whereas for pylons with small foundations we use the foundation settlement (FS).

Table 4 summarizes the performed numerical simulations, the modeling technique and the selected engineering demand parameters for each of the structures. In this work, the definition of damage states is achieved either with the selection of appropriate damage state limits from the literature, or quantitatively relating the computed performance state with numerical thresholds defined at the local scale according to structural behavior, e.g., strains and stresses, or at the global scale according to deflections or displacements of entire structural elements. HAZUS-MH (FEMA, 2003) defines four qualitative damage states for reinforced concrete structures:

• Slight Damage: minor cracking, minor spalling at reinforced concrete structural elements.

• Moderate Damage: moderate cracking and spalling of elements, cracked shear keys or bent bolts of connection, moderate settlement of approach. • Extensive Damage: structural element degradation, buckling of reinforcement bars, major settlement.

• Complete: partial or total collapse of structural elements, fracture of reinforcement bars.

The literature establishes quantitative measures to each of the aforementioned limit states for concrete piers similar to those of this study in terms of curvature ductility (CDR) with values of 1.0, 2.0, 4.0, and 7.0 for slight, moderate, extensive, and collapse, respectively [START_REF] Pitilakis | Typology Definition and Fragility Functions for Physical Elements at Seismic Risk[END_REF][START_REF] Eunsoo | and Nielson Bryant Seismic fragility of typical bridges in moderate seismic zones[END_REF]. Slight damage limits in isolated foundation settlements, FS, by order of 0.05m or differential settlement between supports of 0.02m are proposed in SYNER-G [START_REF] Pitilakis | Typology Definition and Fragility Functions for Physical Elements at Seismic Risk[END_REF] used for roadway and railway components. Extensive or complete damage states can be reached for values between 0.22 and 0.58 m of ground deformation. Regarding drift ratios, (Li et al., 2013) proposes the following limit states: 1.45%, 2.46%, 4.30%, and 6.90%, which correspond to yield, cracking, spalling, and reinforcement buckling, respectively. Table 5 summarizes the demand thresholds of reference for the damage states for bridge pylons in this study. As mentioned in § 2.2.1, depending on the resulting data, specific methodologies may be more recommended or appropriate to generate reliable fragility curves. Thus, in this section, we search to identify the method that provides the best fit for the available data with good readability of the exceedance probability for each damage state. For comparison purposes, we derive fragility curves by applying three commonly-used approaches: moments approximation (MF), maximum likelihood (MLE) formulations, and regression techniques based on least-squares (LS). We use as input data the results on the nonlinear analysis obtained by Perraud et al. in ANR Modulate derivable 4.1. Table 6 summarizes the considered approaches in this study and the associated references. The general procedure described at the beginning of § 2.3 is followed and complemented here for each of the applied approaches: The maximum likelihood method for truncated IDA data, proposed by [START_REF] Jack | Efficient analytical fragility function fitting using dynamic structural analysis[END_REF], relies on binary information about the damage limit exceedance (exceeded/no exceeded). Then, following the moments approximation procedure, the MLE method fits the lognormal cumulative distribution function to the observed probability of the exceeded limit data by minimizing the sum of squared errors between the observed and predicted fractions of the exceeded limit (see equations in Table 6). This method can easily be programmed in Excel or any computational tool (e.g., MatLab , generate the fitting log-normal distribution function (see Table 6).



Table 6. Common approaches to derive fragility curves

Fragility curves using the three methods that are described above are generated for each of the eight pylons configurations P21L, P21S, P30L, P30S, P40L, P40S, P50L, P60L (see (Perraud, et al., 2022)).

The utilized damage limits are those defined in §2.3.3. We deal with data issued from IDA nonlinear analysis where the PGV values were set to fixed values: 0.2, 0.4, 0.6, 0.8, and 1.0 m/s, and where the pylons reached a complete failure state for some ground motions. GMs records from Case 1 (without Rayleigh wave component) are used to make this comparison. Readers may refer to ANR Modulate derivable 4.1 for more information about the tested cases.

Out of eight configurations, we select pylon P50L to compare the results of the three methods. The figures for the rest of the pylons can be found in Appendix A. Figure 20 and Erreur ! Source du renvoi introuvable. present the fragility curve parameters and and their curves obtained for the selected damage states: slight (EDP: CDR/1.0), moderate (EDP: CDR/2.0), extensive (EDP: CDR/4.0), and collapse (EDP: CDR/7.0) as a function of PGV of body waves.

Notice that methods 1 (black) and 2 (red) provide in general similar results for the majority of cases.

What is expected is that the MLE returns equal results to MF when all the ground motions cause a specific damage limit exceedance. This explains why for most of the cases slight and moderate damage fragility curves for both methods are very close. Their main difference is visible on the dispersion values. values are slightly higher using MLE for extensive and complete damage states.

The fragility functions obtained with method 3 have much higher dispersion values than those of methods 1 and 2. This is actually expected since the linear regression is very likely to be influenced by outliers (values far from the main tendency). Note that the values of median (0.13 m/s the lowest and 1.6 m/s the highest) are not within the range of PGVs of the used data (0.2-1 m/s). This highlights an advantage of the LS approach which can provide a robust relationship between EDP and IM with few data points predicting lower or higher demand values.

Intersections between some fragility curves and are observed for method 1 (black) (see Figure 16). This ‗anomaly' produces a negative probability of being in the damage state from the IM value at the crossing point. This happens because has a higher dispersion value than . The results indicate that the most suitable procedure to treat the available data is employing maximum likelihood (MLE) formulation (Method 2) for the following reasons:  The dispersion values are always different from zero (this is not the case for method 1 (Moments approximation)).  The fragility curves do not intersect each other.

 Method 2 decreases the unreliability or uncertainty for the fragility curves obtained for near collapse or collapse data coming for the nonlinear analysis program limitations. The contrary occurs with Method 3 (LS regression), which utilizes all the EDP and IM values.  Method 2 is not affected by outliers as Method 3 is.

Although method 2 provides more satisfactory fragility curves for the tested data (results from loading case 1), comparisons between fragility curves for loading case 1 and case 2 with this method may not be possible in certain situations. The comparison of two different seismic loading cases (Case 1 and Case 2) needs to avoid any prejudgment on the data about the damage limit exceedance (exceeded/not exceeded). This is an element that is required in method 2. So, for a case where both seismic loadings provide the same qualitative output (exceedance/ non exceedance) for a specific damage state, there is a high probability that their fragility curves are superposed. The amplification due to Rayleigh waves, in such a case, cannot be quantified. Thus, in this study, we have decided that all the fragility curves for the studied structures (bridge pylons, HRB, and LST) will be obtained using method 3 (least squared regression procedure (LS) to be able to quantify the effects of Rayleigh waves.

As verified in previous studies (e.g., [START_REF] Shome | Probabilistic Seismic Demand Analysis of Nonlinear Structures[END_REF])), LS regression can be problematic when developing near-collapse or collapse fragility curves, since the results at these stages depend on the reliability of the data (structure modeling technique, nonlinear constitutive laws, loading factors, or ground motion records). For our purposes, this last problem may be considered minor as the main focus of this study is to highlight the differences in fragility with and without the consideration of Rayleigh waves. However, one potential alternative to improve the linear regression results could be by considering a unique dispersion value computed for the whole IM range, to decrease the influence of outliers present on the piece regressions made over the different damage levels. In this study, we perform the regression for both cases; for the whole IM range (e.g., from 0.2 m/s to 1.0 m/s), and for IM intervals. The best fit for the available data is obtained by performing the regression over the whole IM range, changing and keeping a unique dispersion value at all damage states.

STRATEGIES TO QUANTIFY THE FRAGILITY AMPLIFICATION DUE TO RAYLEIGH WAVES 2.3.5 [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF] presents preliminary results on the comparison of the fragility for the aforementioned eight pylons configurations subjected to seismic loads with and without the Rayleigh wave component. The article presents the implementation of two methods to quantify the fragility amplification related to the presence of Rayleigh waves. Herein, we present these two methods, which are based on a direct post-processing of the fragility curves, method 1 and method 2, and, in addition, a method based on the risk computation, method 3.

METHOD 1: MEDIAN SHIFT

A simplified strategy to compare the fragility curves obtained with and without the incidence of surface waves at each damage limit state is by means of the relative difference of the median between the curves . A positive means that the bridge pylon is more vulnerable to Rayleigh waves and a null or negative means that the bridge pylon is not affected by the presence of Rayleigh waves.

METHOD 2: FRAGILITY AREA AMPLIFICATION

A second method to compare the fragilities obtained with and without the Rayleigh wave effects is to compute the ratio between both fragility curve areas through the amplification factor defined in Equation ( 8). The fragility curve area is bounded by the PGV values at probabilities of exceedance of 0.05 and 0.95.

∫ ( )

where,

| | | |
This method provides amplification factors that are more -subtle‖ than the ones from method since it integrates both fragility parameters and helping to complement the information provided by Method 1.

METHOD 3: RISK MAGNITUDE AMPLIFICATION

The third method proposes to quantify the amplifications due to the effects of Rayleigh waves by means of seismic risk assessment. Two inputs are required: fragility curves and hazard curves. Section § 2.3.6 introduces, for illustrative purposes, an interpretation of the -shifted‖ fragility functions that are obtained in the present study.

SEISMIC RISK ASSESSMENT 2.3.6

Seismic risk assessment consists in evaluating the level of exposition to damage when engineering structures are subjected to seismic events in a specific period of time. Seismic risk basically depends on the structure location site, the damage the structure is likely to experience, and the time window of the analysis. Risk assessment is often performed using historical data and numerical simulations that carry significant uncertainties from both the earthquake (location, size, intensity) and the studied structure (structural behavior, material properties). All the uncertainties are treated probabilistically providing an explicit relationship between intensity, damage, and time.

On the one hand, probabilistic seismic hazard analysis (PSHA) (Cornell 1968, McGuire 1976) gathers the uncertainties linked to earthquake occurrence: location, size, intensity to provide a relationship between the level of ground motion and the probability of exceedance in a specific site. For example, the 2020 Euro-Mediterranean Seismic Hazard Model -ESHM20 provides hazard maps in terms of PGA or associated with their probability of exceedance in a specific return period. On the other hand, seismic fragility assessment provides the relationship between the probability of exceedance of a damage state and the level of ground motion for a specific structure. Based on these two quantities (hazard and fragility), the seismic risk can be obtained by the following convolution integral:

∫ ( )
where is the fragility curve, which expresses the probability that a given IM induces a level of damage greater than a given level and is the annual probability of exceedance of this IM level. The probability of exceedance of the intensity measure can also be provided for different return periods, such as 50 years, and is then denoted . As an example, Figure 22 displays the risk represented by the red curve as a result of the convolution integral between the hazard curve in black and the fragility curve in blue. In this case is given in terms of PGA. The vertical axes correspond to the annual probability of exceedance of a given PGA level. If we were to use equation ( 5) for the quantification of seismic risk R with consideration of the effects of basin-generated Rayleigh waves, it would be necessary that the utilized hazard curves P_1y (IM) indeed encapsulate the additional hazard component which is due to the presence of these seismic waves. However, available hazard maps, such as the European ESHM20, the 2018 US National Seismic Hazard Map NSHM, the 2010 New Zealand NSHM etc. typically provide acceleration levels at a reference rock and for most of engineering applications, the consideration of site effects is performed via site response analyses performed on 1D soil columns which are not sufficient for grasping the effects of basingenerated surface waves. Actually, the consideration of 2D/3D basin effects (which can be sources of significant surface wave components) is much more difficult and it is seldom performed in engineering practice. It is thus understood that if seismic hazard is defined via a reference rock motion which is then transferred in ground surface via 1D site response analyses (conventional hazard definition), the resulting motion may be insufficient for grasping the effects of basin generated waves, which, if present, may be particularly detrimental for long-period structures.

The idea behind the -shifted‖ fragilities is then that the hazard component due to basin-generated surface waves (that may be missing in conventional hazard curve definitions) has been -transposed‖ and integrated within the definition of fragility curves. These -shifted‖ fragilities can thus be convolved with conventional hazard estimates for quantifying the additional effect of basin-generated surface waves on seismic risk. This is thus an indirect way of quantifying basin effects, which is here not performed via an additional correction factor in the definition of hazard, but directly on the definition of fragility of a vulnerable structure. Because of the nature of surface waves (waves characterized by long periods and long durations), the most vulnerable structures are expected to be long-period elongated structures. If the engineer can possess estimates of these -shifted‖ fragilities, he can have a quick access to the increase in seismic risk for this class of structures and this can provide a means of verifying possible assumptions for the direct quantification of basin effects in hazard definition.

The derivation of -shifted‖ fragilities is presented here for a generic situation, with consideration of motions from different basins for the definition of an IDA record set. For a particular engineering application, the same procedure can be performed for a particular basin and structure, if total records are available and if the surface wave extraction procedure for isolating body waves can be implemented. The general procedure to quantify the effects of Rayleigh waves by means of the risk amplification factor would then entail the following steps:

1. Selection of the methodology to derive fragility functions. 2. Derivation of fragility functions for the non-linear response of the structures subjected to total wave component and the body wave component. 3. Selection of hazard curve based on site and design return period and consideration of 1D site effects for both groups of fragilities using the same hazard curve. 4. Estimation of as the ratio of the risk evaluated using the total wave over the risk evaluated using the body wave fragility functions One should recall that each methodology for the derivation of fragility curves can affect the estimation of risk. However, as the amplifications are computed as ratios of two risk estimates (with and without Rayleigh waves), the amplification factors are believed to be exempt of the uncertainty related to the methodology for fragility curve calculation.

A final comment on the use of Equation ( 18) is related to the consistency of IM between fragility and hazard. As a common practice, hazard curves are defined in terms of PGA and/or . It is indeed the case of the recent 2020 European Seismic Hazard Model --ESHM20 that provides hazard on reference rock. In the present work, fragility is expressed in terms of PGV as IM, which is usually not common for risk analysis but was proven convenient for fragility analysis (because PGV is more relevant for long-period motions). A conversion of the hazard curve would thus be necessary for obtaining PGV at the reference rock, which can then be convolved with the proposed fragilities. Otherwise, the fragilities can also be directly derived in terms of PGA, or other convenient IM for risk assessment.

IN BRIEF…

Chapter 2 introduces the context of this study and the concept of fragility. Common procedures to derive fragility curves are defined together with their formulation in a research framework. The adopted methodology is described in detail. We present the selected ground motions, the assumptions for the nonlinear response analyses for bridge pylons and high-rise buildings (seismic loading cases, engineering demand parameters etc…), the defined damage states and assumed limits, and the methods we use to derive fragility curves. In addition, the strategies to quantify the fragility amplification due to Rayleigh waves are introduced.

The two record datasets used for the numerical simulations are introduced. Their seismic event information (name, date, station, magnitude, etc…) and their main characteristics described through intensity measures (Peak Ground Acceleration, Peak Ground Velocity, Peak Ground Displacement, Cumulative Absolute Velocity, Arias Intensity, duration of strong motion phase, Spectral Intensity etc…) are also presented.

The selection of ground motions being a crucial step on the fragility assessment is treated in detail when a very large record dataset is available. Latin Hypercube Sampling is utilized to perform a near random sample from 12572 records. 78 records were selected to perform cloud analysis.

We perform a quick analysis on the generation of fragility curves with the data issued from ANR-Modulate derivable 4.1 through the comparison between three different methods: moment approximation, maximum likelihood method, and least squares regression. This analysis concludes that for the purposes of the present work (quantification of Rayleigh wave effect), the most adapted method is the least squares regression procedure.

.

BRIDGE PYLONS 3.

In the continuation of the works on bridge pylons presented in ANR Modulate derivable WP4.1 (Perraud, et al., 2022), the present chapter presents the results of the study of the effects of surface waves on the exceedance probability to damage thresholds of bridge pylons for various levels of ground shaking. The conditional probability, also called seismic fragility, is a primary step for the seismic safety assessment of bridge infrastructure which is characterized by long period seismic responses.

An important number of studies is available for the fragility assessment on bridge pylons. Early works of [START_REF] Nielson | Analytical fragility curves for highway bridges in moderate seismic zones[END_REF] [START_REF] Bryant | Analytical Seismic Fragility Curves for Typical Bridges in the Central and Southeastern United States[END_REF] are dedicated to fragility curves for bridges in the United States. All the seismic fragility curves are provided in terms of PGA. [START_REF] Pitilakis | Typology Definition and Fragility Functions for Physical Elements at Seismic Risk[END_REF] provides an in-depth analysis on the derivation of fragility functions for structural components and infrastructure. Recently, [START_REF] Camilo | Development of Fragility Curves for Single-Column RC Italian Bridges Using Nonlinear Static Analysis[END_REF] generates fragility curves for single column RC Italian bridges using various nonlinear static analysis methods and taken as IM. More into the selection of IMs, (Wei, et al., 2020) evaluates 16 GM IMs for the fragility of cable-stayed bridge with super-high piers of 328 m high. [START_REF] Xu Chen | Fragility analysis of tall pier bridges subjected to nearfault pulse-like ground motions[END_REF] carries a fragility analysis on 10m to 80m high piers to compare near-fault and far-field ground motions. The seismic demand is represented in terms of curvature ductility as a function of PGA and . In [START_REF] Xu Chen | Fragility analysis of tall pier bridges subjected to nearfault pulse-like ground motions[END_REF], has a better correlation with the selected EDPs. The shortest piers are the most fragile to the studied ground motions.

In this study, the fragility assessment is conducted on the basis of transient analyses performed on several bridge pylon models. The analyses are implemented in an IDA framework [START_REF] Vamvatsikos | Incremental dynamic analysis[END_REF] with two distinct loading cases: (i) signals without surface waves and (ii) signals with surfaces waves. The influence of Rayleigh wave component on long-period ground motions on the bridge pylon response is quantified using the methods described in § 2.3.5 (page 27) for fragility curves pertaining to a given damage state. This study will provide further insight of how to incorporate the effects of surface waves on structural vulnerability and applied seismic design. Perraud, et al. 2022) study the influences of large (11m wide) and small foundations (7 m wide) for the pylons of 21m, 30m, 40m implementing a nonlinear macroelement [START_REF] Chatzigogos | A macroelement formulation for shallow foundations on cohesive and frictional soils[END_REF] at the foundation level. Large foundations favor the incursion of the superstructure in material nonlinear domain resulting in major degradation. On the contrary, pylons with reduced foundation dimension present large deformations at the foundation level keeping an elastic behavior of the superstructure. Thus, in the following, we decide to perform the analyses of bridge pylons with large foundation configurations in order to develop the nonlinearity at the superstructure level.

BRIDGE PYLON MODEL

STUDIED CONFIGURATIONS 3.1.1 (Y.
To sum up, we focus our analyses on five reinforced concrete bridge pylon configurations with heights : 21m, 30m, 40m, 50m, and 60m. The transverse cross-sections of all the bridge pylons are kept circular and uniform throughout their height. The pylon diameter is = 3m for all studied cases. The longitudinal steel ratio corresponds to 1.10% of the cross-section.

MODELING ASSUMPTIONS 3.1.2

The model used to compute the nonlinear response of reinforced concrete bridge pylons is schematized in Figure 23. The bridge pylon model is created using the finite element method (FEM)-based software SeismoStruc (Seismosoft, 2011) which also allows the discretization of the section into multifiber beam elements [START_REF] Spacone | BEAM-COLUMN MODEL FOR NON-LINEAR ANALYSIS OF R/C FRAMES: PART I. FORMULATION[END_REF]. The mathematical model considers the following assumptions:  The pylon is a one-dimensional beam with a circular cross-section discretized using multifiber beam elements (MFEM). Thus, the cross-section behavior is assigned based on the fiber approach. Each fiber is associated with a uniaxial stress-strain relationship; the sectional stressstrain state of beam-column elements is then obtained through the integration of the nonlinear uniaxial stress-strain response of 200 individual fibers in which the section is subdivided (Seismosoft, 2011).  The model takes into account both geometric nonlinearities and material inelasticity. In Seismostruct, large displacements and rotations are described through the co-rotational formulation developed by [START_REF] Correia | Nonlinear Analysis of Space Frames[END_REF]. The resulting forces and moments take full account of the effects due to the deformed shape globally (structure) and locally (finite elements).  The concrete fiber behavior is modeled following Mander nonlinear model [START_REF] Mander | Theoretical stress-strain model for confined concrete[END_REF].

The concrete fibers were discretized as confined (core fibers) and unconfined (cover fibers) ones.

The reinforcing steel fibers obey Menegotto-Pinto stress-strain relationship [START_REF] Menegotto | E Method of analysis for cyclically loaded R.C. plane frames including changes in geometry and non-elastic behaviour of elements under combined normal force and bending[END_REF], coupled with the isotropic hardening rules proposed by [START_REF] Filippou | V Effects of bond deterioration on hysteretic behaviour of reinforced concrete joints[END_REF], with a modulus of elasticity a , up to the yield strength a . The material mechanical properties of the bridge pylons are listed in Table 7.  The pylon supports a portion of the deck. The mass associated with the deck is included as a nodal mass at the top end. The mass of the deck and its moment of inertia are considered.  The foundation system is assumed to be rigid and large enough to keep all the damage at the superstructure level. Soil-foundation interaction effects are neglected. Fixed-base conditions are considered.  Each free node has three degrees of freedom, two translations and one rotation: , , and .  For modal and dynamic analyses, 5% of the critical damping is used. The seismic response of the tested bridge pylons is parameterized by three kinematic variables: the transverse displacement, , the vertical displacement, , and the nodal rotation . Figure 24 illustrates a deformed bridge pylon and the associated kinematic variables, with the vertical axis and and the axes lying on the cross-sectional plane, with parallel to the direction of the seismic loading motion.

Steel fiber model

Concrete fiber model

The total transverse displacement, , includes the base displacement due to the seismic ground motion , and the transverse displacement at the top end. The vertical displacement, , is associated with P-Delta effects induced by the constant vertical force (weight of the deck), the pier self-weight, and the transverse load from the ground motion. The global rotation of the pylon, , is equivalent to the ratio between the transverse displacement at the top end and the initial length, . Due to the fixed boundary conditions at the bottom end, the moment at the base , the shear force , and the axial force correspond to the force reactions. 

BRIDGE PYLONS NONLINEAR RESPONSE

In this section, the nonlinear response of bridge pylons is assessed through two different analyses: a quasistatic analysis (pushover) and time history analyses using the model detailed in § 3.1.2.

 Pushover analysis is performed to establish the pylons' damage limit states by defining the yielding of the first reinforcement, the yielding point of the structure, the fracture of the first steel bars, and the collapse of the structure. Identifying theses damage points are crucial to define the thresholds for each damage state according to the utilized material constitutive laws and the geometry of the studied bridge pylons. In general terms, the quasi-static analysis is here used as a primary step to characterize the bridge pylons response described by selected damage indicator measures (e.g., maximum top displacement, maximum curvature ratio, maximum drift). The damage values issued from this analysis are compared with those found in the literature (e.g., [START_REF] Pitilakis | Typology Definition and Fragility Functions for Physical Elements at Seismic Risk[END_REF][START_REF] Eunsoo | and Nielson Bryant Seismic fragility of typical bridges in moderate seismic zones[END_REF]))  Nonlinear time history analyses with real seismic signals (datasets presented in §2.3.1) are conducted to determine the demand and intensity measures relationships to perform fragility analyses. Two different schemes are analyzed. The first scheme searches to reproduce (Perraud, et al., 2022) IDA results changing the modeling strategy (i.e., different constitutive law for concrete and reinforcing bars, boundary conditions, large displacement framework) but using the same seismic records (dataset N°1). A summary of the differences between the study reported in [START_REF] Perraud | Effect of Rayleigh waves on seismic response of bridge pylons via Incremental Dynamic Analyses[END_REF]) and this study is provided in Table 8. In the second scheme, the transient analyses are carried out in a framework of a cloud analysis. The dataset of 78 natural seismic records (dataset N°2) is utilized to verify the findings obtained via IDA of the first scheme. Finally, the bridge pylons nonlinear response obtained with and without the content of Rayleigh waves are discussed.

Table 8. Differences between (Perraud, et al., 2022) and this study

Modeling criterion

This work (Perraud, et al In agreement with the modeling assumptions and the tested bridge pylon configurations, three relevant EDPs are chosen to analyze the seismic response:

 The curvature ductility ratio (CDR) is a damage indicator at the section level. CDR values are usually larger at the base of the pylon. CDR is then defined as the maximum reached curvature divided by the curvature at first yielding of the steel reinforcing bar and expressed as:

( ) ( )
is usually computed as follows for linear geometries:

For the first steel yielding,

For the edge compressive fiber, ( )

 The maximum total drift ( TD) which is defined as the ratio between the relative top displacement and the height of the bridge pylon . Although this damage measure has already been shown to be an invalid index for tall piers (Xu, et al., 2020) (tall piers can stand very large displacements without incursion in nonlinearities), here we intend to control the displacements affecting secondary structural bridge components such as the bridge deck, bearings, or girders.

 The absolute maximum vertical displacement (VD) linked to P-Delta effects due to the weight of the deck and its self-weight, and the horizontal component of the seismic loading. VD is not commonly considered in seismic fragility analyses because the vertical ground motion component is not believed to be significant. However, in this study, the analyses in the large displacement framework may show relevant vertical displacements . We do not consider the vertical component of the ground motions.

NONLINEAR STATIC ANALYSES -PUSHOVER 3.2.2 Pushover analyses are conducted over the five bridge pylon configurations in order to examine their yield displacements and subsequent inelastic response to define damage limit states. We aim at defining the relationship between the selected EDPs and an applied lateral force.

All the analyses are performed in SeismoStruct (Seismosoft, 2011) with geometry inelasticity. The pylon is subjected to its self-weight and, at the top, to a constant vertical point force, . We impose an incremental displacement at the top end of the pylon. This loading is continued till the collapse of the pylon. At this stage, there appears to be a sudden drop in the pier bearing capacity (shear force or moment) and the analysis is stopped.

The base shear and top displacement ( -response and the bending moment -curvature ( -) response are illustrated in Figure 25 for all the tested configurations. As the P-Delta effects are also considered, the common behavior of cantilever pylons under linear geometry analysis is not followed. Once the -peak is reached, the base shear decreases gradually until the collapse of the structure is reached. Note that the -response is conditioned by the geometry of the pylons with the slender pylons presenting a stronger influence of the second order effects. As a result of P-Delta effects, the peaks of -and -do not occur at the same time. In fact, for a given deformation state of the pier, nonlinear geometric effects produce an increase of bending moments along the pier (Di [START_REF] Re | A simple numerical approach for the pushover analysis of slender cantilever bridge piers taking into account geometric nonlinearity[END_REF]. Consequently, the peak of the shear force is reached when bending moment at the base cross section is lower than the peak bending moment . See and the corresponding values in Table 9. Notice that the level of slenderness has a strong influence on the importance of geometry nonlinearity effects. The larger , the difference between ( )and increases. Finally, the ( -) response is linearized using the equivalent conservative energy principle. So, represents the area under the ( -) curve. Based on and and by assuming that the area under the linearized ( -) response is equal to , we find the coordinate ( ) using the following expression:

( ) ( )
Table 10. presents the computed values for for each pylon. As the response does not vary much from one configuration to another, we obtain an average linearized response as illustrated in Figure 26. 

DEFINITION OF DAMAGE STATE LIMITS 3.2.3

In § 2.3.3, common damage state limits for piers found in the literature are presented according to seismic demand parameters. Herein, damage thresholds for the selected EDPs: CDR, MTD, and VD are chosen following the results of the pushover analysis in the previous section.

Four discrete damage states for the pylons have been adopted following HAZUS-MH (FEMA, 2003) definitions: slight, moderate, extensive, and collapse. Correlation of the material strain with the ( -) response is used to determine the damage states for the tested pylons. damage states of concrete components. The complete spalling of concrete cover corresponds to a strain of 0.006 and is the boundary between the extensive and collapse damage states corresponding to curvature values no higher than m . The collapse of the pylons is observed with the fracture of the reinforcing steel fibers at and curvature value of m .

To sum up,  Slight Damage: minor cracking, minor spalling at reinforced concrete structural elements. This state is bounded by the following strain values for concrete and steel:

The sub-indices and refers to traction and compression strain, respectively.

 Moderate Damage: moderate cracking and spalling of elements.

 Extensive Damage: structural element degradation, buckling of reinforcement bars.

 Collapse: fracture of steel, pier collapse CDR limits are then computed as expressed in Equation ( 18) substituting by the associated curvature value for the damage level. Then for each damage state slight, moderate, extensive, and collapse, CDR values of 1, 3.0, 6.0, and 10.0 are adopted. These values slightly differ from the values considered in the literature (1, 2.0, 4.0, 7.0) [START_REF] Pitilakis | Typology Definition and Fragility Functions for Physical Elements at Seismic Risk[END_REF][START_REF] Eunsoo | and Nielson Bryant Seismic fragility of typical bridges in moderate seismic zones[END_REF], which are defined based on results from laboratory experimental tests and recommendations of previous studies. We recall that these limits vary depending on several factors including the type of pier (e.g., RC effective section) and the structural modelling assumptions (e.g., small displacement, boundary conditions, material), .

Concerning MTD, no specific limits are assigned from the pushover analysis for the set of pylons. The displacement as damage indicator seems to not be appropriated because of its strong dependence with the level of slenderness, and P-Delta effects, in more severe damage states. Only the slight damage limit coincides for all pylons at 1.45%, matching suggested values in the literature (e.g., Li et al., 2013). Then, in this study, damage states in terms of MTD are chosen equal to the defined ones in (Li et al., 2013): 1.45%, 2.46%, 4.30%, and 6.90% to control damages in secondary bridge components.

The maximum admissible vertical displacement of the deck ( ) can be determined based on the length of the deck and the speed of design of the bridge according to Figure 28 (CEN 2005a(CEN , 2005b)). We assume that the studied pylons support decks larger than 40 m for bridges of 200 km/h. These conditions limit the vertical displacement of the deck to L/1500, . This value is very close to the slight damage limit defined using foundation settlement (FS) as demand parameter (FSslight =0.02 m). Taking into account the presence of additional structural components, VD values measured at the tip of the pylons are limited to much smaller values than the ones defined for FS (0.02, 0.0.08, 0.22, 0.70). We then consider VD damage state limits of 0.02 m for slight, 0.05 m for moderate, 0.08 m for extensive, and 0.10 m for collapse.

Table 11 lists the damage state limits for the selected EDPs.

Figure 28 Maximum allowable vertical displacement of bridge. Reproduced from (CEN 2005a(CEN , 2005b)). Transient nonlinear analyses are conducted in an IDA framework using the ground motion dataset of the 12 signal records presented in §2.3.1.1. In order to capture the response a several intensity measure levels, 16 scale factors (SF) equally distributed are utilized. That means that a single GM record is multiplied by 16 incremental SF to reach desired levels of PGV between 0.1m/s and 1.6m/s. As our final objective is to compute the effects of Rayleigh wave on the fragility curves of the tested bridge pylons, two loading cases are then of interest: Case 1: body waves (i.e., the total signal exempted from the Rayleigh wave component) and Case 2: the total signal (including the Rayleigh wave component). We decide to perform the scaling process taking the PGV of Case 1 as a reference. So, both signals (with and without Rayleigh wave) are amplified by the same SF. The set of body wave PGV values are equally spaced from 0.10 m/s to 1.60 m/s (i.e., 0. , 0.2, 0.3 … .4, .5, .6 m s). Thus, each pylon is subjected to (12 16 = 192) time history analyses per each loading case. The diagram presented in Figure 29 illustrates the analysis performed in this section. The Rayleigh wave effects can be better visualized on the graphs of Figure 31 showing the seismic response of P30L using the scaled ground motion CHB026 up to a PGV of 1 m/s. The left and right column graphs belong to the loading Case 1 (without Rayleigh waves) and Case 2 (with Rayleigh waves), respectively. Each row refers to a specific response index: displacement, curvature and strains.

We plot the time histories of the relative top horizontal displacements and top vertical displacements in the first and second rows. The maximum top horizontal displacement for both loading cases is close to 1.5 m. This value represents a MTD of 5%, referring to a damage state in the bounds of extensive damage state and collapse damage state according to the definitions given in § 3.2.3. The maximum top vertical displacement is around 0.012 m, much lower than the maximum allowable vertical displacement given in Table 11 ( From the graphs of the third and fourth rows, bending moment and curvature relationship for the base pylon sections and reinforcing steel stress strain relationships, we observe a significant incursion in to the nonlinear range as well as large dissipation of energy during the cycling loading. As expected, during the loading Case 2, the pylon experiences more cycles in the nonlinear range and consequently more degradation. Curvature values reach 0.0125 (1/m) corresponding to curvature ductility values around CDR = 5 and steel strain values exceeding 0.025, which are attributed to a damage state between moderate and extensive (see Table 11). These analyses are similarly performed for pylon P60L whose response is plotted on Figure 32.

Contrary from what is observed for P21L, the top horizontal displacement peak of P60L under the same scaled ground motion CHB026 is much larger when the Rayleigh wave component is considered (Case 2) (around 50% increment).

The presence of Rayleigh wave also generates a peak response on the vertical displacement at 130 s. A similar phenomenon is also observed for this pylon for different scaled records. Note as well that the permanent vertical displacement is larger by a factor of 2 with respect to the vertical displacement obtained for P30L despite the fact that the vertical assigned load is the same. This difference is associated with the P-Delta effects which are more important for the tallest pylons.

From the base moment and curvature response, although very -noisy‖, we observe that there are no clear hysteretic loops, which means that there is not much energy dissipation is developed at the base of the pylon. In fact, the reinforcing steel stress -strain relationship reflects mostly a linear behavior for Case 1 and a slight incursion in nonlinearity regime for Case 2.

The maximum values of each of the damage indicators, maximum curvature ductility ratio (CDR), maximum total drift (MTD) and maximum vertical displacement (VD) are plotted against PGV of body waves and the results pertaining to each record are gathered and represented in a continuous IDA curve in Figure 33 and Figure 34. All the IDA curves obtained for the tested: P21L, P30L, P40L, P50L, P60L are presented for both loading cases: Case 1 (red) and Case 2 (blue). The maximum value of the horizontal axis for each EDP is set to the value that corresponds to collapse damage state. For all pylons, although Case 2 (comprising Rayleigh waves) exhibits larger demands if compared with Case 1, the collapse is reached only for some of the scaled record with the tested PGV interval (from 0.10 to 1.6 m/s).

For P21L, P30L, and P40L (Figure 33), we observe two relatively frequent phenomena identified by Vamvatsikos [START_REF] Vamvatsikos | Incremental dynamic analysis[END_REF] as -hardening‖ and -structural resurrection‖, the latter being a case of extreme hardening. The structure seems to recover after an increase of intensity level. These phenomena have their origins in the numerical computation. As the records are scaled up, the pattern and timing for each seismic cycle generate peaks of response while the period of the structure elongates. So, for higher levels of I s, the response can be the same or lower. In this study, for the -structural resurrection of P30L at a PGV of 1.2 m/s, we decide to discard the response at IM level for the fragility analysis.

By examining globally the response between pylons, it is noticed that the pylon height governs the EDP that controls the performance level of the structure according to the chosen damage state. For example, P21L yields higher demands of curvature ductility CDR than P60L, reaching collapse CDR values for several records. While VD collapse values are exceeded at lower PGV levels (0.90 m/s) for P60L. In general, the shortest pylons seem to have larger demands in terms of curvature ductility and drift than the tallest ones. Multiple phenomena are here competing with each other as follows:

 Stiffness properties: considering two pylons with a horizontal force, the tallest one can experience much higher displacement demands than the shortest one.  Structural dynamic properties and signal frequency content: because the tallest pylons are significantly more flexible than the shortest ones, with a the same mass at the top, the vibrational properties of the structure differ a lot from a configuration to another and the acceleration experienced by the structure is different.  Second order effects: the tallest pylons have more influence of the P-Delta effects and stress stiffening effects combined into the second order analysis. That is why we observe a slightly larger initial vertical displacement for P60L at all PGV levels but also less lateral displacement demands measured in terms of curvature ductility and drifts. 

EFFECTS OF RAYLEIGH WAVES ON THE VULNERABILITY ASSESSMENT OF BRIDGE PYLONS SEISMIC FRAGILITY ASSESSMENT 3.3.1

The scaling approach through IDA analysis allows us to generate a set of relationships between the structural demands for each bridge pylon at each intensity level of the selected motions. In addition, the definition of damage state limits in § 3.2.3 completes the required steps to perform a seismic fragility assessment through the derivation of fragility curves.

The probabilistic seismic demand model (PSDM) for the tested pylons is defined for seismic demands in terms of CDR, MTD, and VD as a function of the PGV values of body waves (exempted of the Rayleigh wave component), whose relationships are assumed to follow a logarithmic correlation as expressed in Equation ( 14). Thus, the fragility curve parameters can now be computed by applying the least-squares regression procedure (or power-law approximation) (Cornell, et al., 2002) as discussed in § 2.3.4.

Figure 35 illustrates and compares the results of the PSDM in terms of CDR, MTD, and VD for all the pylons under the two loading cases; Case 1 and Case 2. The parameters and of Equation ( 14) are then the regression coefficients of the logarithmic relationship between the selected EDP and the IM (i.e., PGV of body waves).

Table 12 lists and and the associated determination coefficient .

Figure 35. Regression of the probabilistic seismic demand model of P21L,P30L, P40L, P50L and P60L for the selected EDPs (CDR, MTD, VD)

If CDR is taken as EDP, it is observed that there is 50% probability of exceeding slight damage states from PGV values of 0.68 m/s for pylon P21L. This same probability can be reached with 2.26 m/s for the pylon P60L. The higher the damage state, the larger the gap between the median PGV values for the shortest and the tallest of the tested pylons. The shortest pylons appear to be the more fragile in all damage states, especially the more severe ones. Note that CDR governs the fragility of P21L for the slight damage ( ). For the rest of the pylons, MTD defines the critical fragility at all the damage states. So, final fragility curves are generated using the parameters and | according to MTD as EDP for all damage states except for slight damage of P21L for which CDR is used. Here, it is pertinent to remember that the curvature ductility ratio limits are defined based on a nonlinear static analysis of each pylon while the MTD limit values are taken from the literature for displacement control rather than for structural capacity (which for the tallest pylons can be significantly larger values). VD is found to not be relevant for the performed fragility analysis. The median PGV value to exceed slight damage state limit in terms of VD must be larger than 1.82 m/s. According to the presented median PGV values, it seems that there is a very low probability that an earthquake occurrence can yield advanced degradation states (extensive or moderate) for the tested pylons ( V values larger than m s have been recorded for -exceptional‖ ground motion earthquakes). However, site effects can substantially amplify the ground motions as it has been reported on large basins due to the presence of surface waves. Thus, from now on, we focus on the quantification of the Rayleigh wave effects by comparing fragilities obtained under loading Case 1 and Case 2. Figure 36 provides the fragility curves as a function of PGV of body waves from slight to collapse for all pylons under loading Case 1. Each color line represents a different pylon. All the EDPs have been combined, plotting the most critical case for each pylon (that is, the fragility curve with the smallest median value). The fragility curves show that the peak ground velocity for a 50% probability of exceeding slight damage ranges from approximately 0.68 to 0.96 m/s for the five pylon configurations. PGV values over 2.6 m/s are required to exceed the collapse limit for the shortest pylons. As aforementioned, pylons P21L, P30L, and P40L are observed with lower median values and larger dispersions compared with the tallest ones. These discrepancies seem to increase as the damage state gets more severe. The tallest pylons need higher intensity levels to exceed the damage limit states than the shortest ones, being the pylon P60L the least fragile to the studied loading case. One should recall that the selected damage thresholds and the modeling technique strongly influence these results. Different conclusions could be obtained if, for instance, second order nonlinearity effects were not considered and a less sophisticated constitutive law for the reinforced concrete was used as it occurs in [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF], where the tallest pylons are found to be the most fragile to the same loading case (Case 1). In addition, the level of uncertainty of the fragility curves is highly dependent on the seismic records, modeling, and damage assumptions. Nowadays, there are different techniques to quantify the uncertainties linked to analytical fragility assessment. The reader may refer to (Bradley, 2013) (Iervolino, 2022). This quantification is out of the scope of this study.

We are now interested in quantifying the effects of Rayleigh waves for each pylon. Figure 37 shows the fragility curves as a function of PGV of body waves obtained for the simulations without the effects of Rayleigh waves in red (Case1) and with the effects of Rayleigh waves in blue (Case 2). Each damage state is represented with a different type of line. Continuous, dashed, dotted-dashed, and dotted line are for slight, moderate, extensive, and collapse, respectively. Tables 17 and18 present the fragility parameters for Case 1 and Case 2, respectively.

Figure 36. Fragility curves of Case 1 for all pylons and damage state limits.

Main observations are listed below:

• For all the tested pylons, fragility curves including Rayleigh wave effects are shifted to the left at 50% exceedance probability for all damage states. That is, the defined damage limit states are exceeded at lower PGV values than without the presence of Rayleigh waves. Which can be also interpreted as the probability of exceedance any damage state is higher when pylons are subjected to Case 2 (including Rayleigh waves). • Slight damage is exceeded with median values starting from 0.41 m/s under Case 2. A value 38% lower than under Case 1 (0.66 m/s). Similar discrepancies are obtained for the rest of the damage states with slight decrease for the most sever ones. For example, for collapse, median values of 1.634 m/s for Case 2 and 2.596 m/s for Case 1 representing 37% difference taking Case 1 results as reference values. • Up to 3 m/s, there is no superposition or interceptions of the fragility curves for Case 1 and Case 2 for all damage states. On the contrary, all the blue fragility curves at, for example, slight damage (continuous line) are located to the left of the red ones. • From the fragility curves under loading Case 2, we verify the conclusions made above: P60L is the least fragile of the pylons. When comparing with P21L, the difference between median values can almost be twice especially, for the most severe damage states.

In the next section, the difference between fragility under both loading cases Case 1 and Case 2 is further discussed. The evaluation of the effects of Rayleigh waves is performed following the three methods described in § 2.3.5 (page 27). On the one hand, Method 1 and Method 2 depends on the fragility curve parameters already estimated for the pylons subjected to Case 1 and Case 2. The former computes the relative difference of the median values between the fragility curves for each loading case at every damage level. The latter relates the area under the curve within specific exceedence probability bounds. On the other hand, Method 3 involves the computation of risk. Each strategy provides a quantitative value associated with the discrepancies between Case 2 and Case 1. This value should be then read as an amplification factor due to the presence of Rayleigh waves on the fragility analysis of the studied structures.

METHOD 1

Table 18 presents the relative difference of the median computed with , where refers the IM value at a 50% exceedence probability of a specific damage state of the loading case : 1 for Case 1, and 2 for Case 2. The values on this table are coloured in the green -red scale. The light green and the strong red colors represent the lowest and the highest relative difference, respectively. Values of reaches almost 40% at slight damage states for the tallest pylon and values around 40% at collapse for the shortest ones. The green -red scale representation helps to qualitatively show that the effects of Rayleigh waves increases with the length of the pylon at lower damage levels; slight and moderate damage. Despite pylon P21L is found to be more fragile to the individual Case 1 and Case 2, the structural response of this pylon is less affected by the presence of Rayleigh wave component than the response of pylon P60L ( of 26% against 41%). This tendency may be linked to the relationship between fundamental period of the structure and the period of the signal including the Rayleigh wave component for low damage levels (the relationship is around 0.2). Furthermore, when considering the extensive and collapse damage states, tends to increase for the shortest pylons (P21L and P30L), whose period tends to -elongate‖ due to high incursions in the nonlinear regime and gets closer to . However, the opposite occurs for the tallest ones whose decreases up to 20 perceptual points. This may occur because the periods of the tallest pylons are much higher at low damage levels (around 1 s) and the relationship is already around 1.12. While the damage increases, their periods elongate even more and the relationship highly increases beyond 1. Perraud et al. demonstrates that for values of over 1, the seismic response amplification due to Rayleigh waves is less important than for values under 1. 

METHOD 2

In order to compare the fragilities with or without the Rayleigh wave effects integrating both fragility parameters (i.e., the dispersion and the median values ), we compute the ratio between both fragility curve areas through the amplification factor defined in Equation ( 24). The fragility curve area is bounded by the PGV values at probabilities of exceedance of 0.05 and 0.95.

∫ ( )

where,

| | | |
The values of for each pylon are given in Table 19 in percentage. Similarly to what is obtained using Method 1, the response of the pylon of 60m height for slight damage is observed to be more affected by the presence of Rayleigh waves with equal to 34%. Concerning collapse, the pylon P30L has the highest amplification factor (37%).

The general observations can be summarized as follows:

• When comparing pylon to pylon for the slight and moderate damage states, we observe that pylons of 50m and 60m height are slightly more fragile to Rayleigh wave components than pylons of 21m to 40m. • The Rayleigh wave effects on the shortest pylons fragility can significantly increase for severe damage levels, namely extensive and collapse. The opposite occurs for the tallest pylons. • The average amplification because of the presence of Rayleigh waves oscillates between 20% and 35 %. This is in agreement with the relative median difference computed with Method 1. It is expected to obtain lower amplification coefficients from cloud analysis than from IDA. In the performed IDA procedure, the computed coefficients indeed are affected by the scaling factors applied to both GMs (i.e., Total wave and body waves) to reach the desired PGV values. Nevertheless, there are strong similarities with IDA results. As shown in Figure 39, the largest shifts in the fragility due to the Rayleigh wave presence are obtained for the tallest pylons. The median shift value oscillates between 20% and 25%. On the opposite, the shortest pylons' response is barely affected by the influence of the Rayleigh wave component. As aforementioned, this can be explained by main three reasons: the stiffness properties of the studied pylons, their dynamic properties and signal frequency contents, and the second order effects. 

IN BRIEF…

Chapter 3 focuses on the generation of fragility curves for multiple pylon configurations in a large deformation framework and the study of the Rayleigh wave effects on their seismic response.

The methodology detailed in Chapter 2 is implemented and adapted to the studied bridge pylon configurations. In total, five pylon typologies are studied. Three EDPs are selected to be appropriate for the tested pylons: curvature ductility ratio (CDR), maximum total drift (MTD), and vertical displacement (VD).

Nonlinear static analyses are conducted to establish the damage limit states for the studied bridge pylons. The obtained thresholds are compared with the values given in the literature. Values of CDR are found to be larger for the defined damage states; slight 1, moderate 4, extensive 6, and collapse 10.

Incremental Dynamic Analysis is performed using the twelve ground motions of dataset N°1. The nonlinear response of all pylons is analyzed and represented via IDA curves. For all pylons, significant larger demands are obtained under loading case 2 (comprising the Rayleigh wave component).

Analytical fragility curves for loading Case 1 (without Rayleigh waves) and Case 2 (including Rayleigh waves) are generated using the least squares regression procedure as described in Chapter 2.

Significant shift and amplification in fragility curves are obtained because of the presence of Rayleigh waves. This means that an increase in the probability of exceeding a damage limit at a given PGV is obtained for all pylons when the Rayleigh wave effects are taken into account.

The fragility study performed in this work shows that pylons of 50m and 60m height are the most fragile to Rayleigh wave effects for the first damage limit states; slight and moderate. This conclusion was also drawn in [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF] despite the difference on the constitutive laws and the used numerical modeling strategy. Average amplification values on the fragility vary between 20% and 35% depending on the structural characteristics and the studied damage state.

HIGH-RISE BUILDINGS 4.

High-rise buildings (in particular those located in sedimentary basins) can be damaged due to the passage of long-period surface waves. The increment of seismic displacement demands induced by Rayleigh waves has been previously reported in (Meza-Fajardo, et al., 2018). Amplifications due to the presence of Rayleigh waves are associated with values of the order of 3 in linear elastic analyses and up to 10 in nonlinear analyses (Meza-Fajardo, et al., 2018) (Meza-Fajardo, et al., 2019[START_REF] Jorge | Influencia de las ondas superficiales en la respuesta sismica de edificios durante el sismo del 19 de septiembre de 2017[END_REF].

The present chapter presents the results of the study of the effects of surface waves on the seismic fragility of high-rise buildings (HRB) for various levels of ground shaking. Our main objective is to quantify the influence of the Rayleigh wave components on the seismic fragility of HRB. Comparisons of the response of such structures are performed with and without the presence of transverse motions due to surface waves.

An important number of studies is available for the fragility assessment on building structures. Recent studies are dedicated to propose methodologies that account for site amplification and soil-foundationstructure interaction effects in fragility assessment of such structures. The available seismic fragility curves are mostly provided in terms of PGA or Sa at a characteristic period. [START_REF] Pitilakis | Typology Definition and Fragility Functions for Physical Elements at Seismic Risk[END_REF] provide an indepth analysis on the derivation of fragility functions for structural components and infrastructure. [START_REF] Karapetrou | Seismic vulnerability assessment of high-rise non-ductile rc buildings considering soil structure 529[END_REF] derive several fragility curves for a 9-story RC building considering site effects and SSI. The fragility curves are provided in PGA for immediate occupancy (i.e., slight damage) and collapse prevention limit states. Comparisons are performed between fixed-base, linear and non-linear soils models. This study concludes that SSI may increase considerably the fragility of the structure. No special attention is given to the characteristics of the earthquake ground motion. More recently, [START_REF] Dimitris | Fragility curves for existing reinforced concrete buildings, including soil structure interaction and site amplification effects[END_REF] generate fragility curves based on nonlinear dynamic analyses following IDA procedures for various building structural typologies and geometries. They demonstrate that site amplification during earthquake can significantly increase the fragility of the structural system and that SSI effects on fragility may be relevant for buildings on soft soil. For the author's knowledge, none of those studies proposes a methodology for the explicit calculation of the surface wave effects on fragility of HRB. However, based on previous observations (Meza -Fajardo, et al., 2018) (Meza-Fajardo, et al., 2019[START_REF] Jorge | Influencia de las ondas superficiales en la respuesta sismica de edificios durante el sismo del 19 de septiembre de 2017[END_REF], surface waves may significantly affect fragility and lead to higher vulnerability of these structures.

In this study, the fragility assessment is conducted on the basis of transient analyses performed using realistic building models. As for bridge pylons, the analyses are implemented in an IDA framework [START_REF] Vamvatsikos | Incremental dynamic analysis[END_REF] with two distinct loading cases: (i) signals without surface waves and (ii) signals with surfaces waves. The influence of Rayleigh wave component of long-period ground motions is quantified using the methods described in § 2.3.5 (page 27) for fragility curves pertaining to a given damage state. This study will provide further insight on how to incorporate the effects of surface waves on structural vulnerability and applied seismic design of HRB.

HIGH-RISE BUILDING MODEL

STUDIED CONFIGURATIONS 4.1.1

A set of four realistic steel buildings is studied, covering different heights within the same typology. We study a 4-story, a 8-story, a 12-story, and 20-story 3-bay steel building structure of 16m, 32m, 48m and 80m of height, respectively. The structures are named structure 1, structure 2, structure 3 and structure 4 assumption refers to the foundation modeling. In order to isolate SSI effects from the Rayleigh wave effects and keep the main damage at the superstructure level, fixed-base models are studied in this work. In future investigations including SSI or site amplifications effects, the fixe-base models can be used as a reference.

SUPERSTRUCTURE MODEL

We utilize a simplified but robust modeling strategy allowing the evaluation of the seismic response of high-rise building at both linear and non-linear regime within a parametric study framework. This technique allows generating an equivalent beam model suitable for the modeling of buildings that fit mainly two conditions:

1. Periodic in height. The building must be vertically regular in mass, stiffness and strength to respect the periodicity condition required by homogenization. 2. Tall enough. Structures of at least five stories to respect the scale separation condition.

As we are interested in modeling building structures of large periods, both conditions seem easily satisfied to perform the seismic fragility assessment of high-rise buildings.

The equivalent beam model (EBM) is issued from the homogenization method of periodic discrete media (HPDM) (Caillerie, 1989) applied to multi-bay frame structures (Hans et al., 2008), (Chesnais, 2010). The finite element formulation herein adopted is known as homogenized beam finite element model (HBFEM) and has been developed by [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF]. The HBFEM facilitates time history analyses at both linear and nonlinear range (Franco, 2021). The one-dimensional model of the structure is built from the static analysis of a single story of the structure. In order to capture the nonlinear behavior at the story scale, the structural elements are modeled using multifiber beam elements with nonlinear constitutive laws for the material (i.e., steel). For the studied steel structures, the stress-strain relationship is described by the Menegotto-Pinto model [START_REF] Menegotto | E Method of analysis for cyclically loaded R.C. plane frames including changes in geometry and non-elastic behaviour of elements under combined normal force and bending[END_REF], coupled with the isotropic hardening rules proposed by [START_REF] Filippou | V Effects of bond deterioration on hysteretic behaviour of reinforced concrete joints[END_REF]. The evolution of the story deformation due to each of the main structural mechanisms (i.e., shear, inner and global bending) is estimated and integrated into the HBFEM model.

The main advantage of performing the time history analyses with the HBFEM is that this method facilitates the parameterization of the structure configurations and the computational cost is significantly reduced if compared with explicit full finite element models. The main disadvantage is that the dynamic study is limited to the first transverse modes, and no torsional modes are considered. However, in the context of this study, we deal with symmetric structures subjected to long-period seismic motions for which main excitation occurs for first vibration modes in the transverse direction. Main engineering demand parameters controlling the structural response of buildings are translational displacement-based kinematic quantities which are well captured by the HBFEM at nodal information.

In the nonlinear framework, the HBFEM model, built from homogenization, must inherently respect the periodicity condition which limits the non-linear analyses to slight states of structural damage. The hypothesis is that the stiffness degradation from a story to its immediate one evolves maintaining a certain level of periodicity which is preserved by the nodal kinematics. Then, the utilization of the HBFEM is kept valid till the periodicity is -broken‖ enough, which occurs before significant degradation levels, named extensive damage or collapse (Franco, 2021). For this reason, in this study, the time history analyses are performed taking into account that the seismic fragility assessment is carried out for slight and moderate damage levels.

The following paragraphs are dedicated to briefly describe the EBM and the HBFEM principles. It focuses on the identification of the kinematic variables to define the EDPs (e.g., top roof displacement, inter-story drift, base flexural moment, base shear) controlling the structural behavior.

EQUIVALENT BEAM MODEL (EBM) -ANALYTICAL FORM

The transverse motion of one-bay frame structures is parametrized by three kinematic variables: the mean transverse displacement, , the story rotation, , and the mean nodal rotation, . The first two, representing the story rigid body motion, appear explicitly in the global dynamic description of the structure. Conversely, , associated with the story deformation, is a hidden variable obtained from the rigid body motion thanks to the internal equilibrium of the story. Fig. 1c illustrates the deformed one-bay frame structure and the associated kinematic variables. The three mechanisms governing the transverse vibrations of the EBM are associated with one force and two moments defined by the constitutive laws given in equations ) and related by the equilibrium equations ).

Constitutive laws:

Shear force (generated by the shear of the stories) ( )

Inner bending moment ( ) Global bending moment

Equilibrium equations:

( ) relationships to perform fragility analyses. Two schemes are analyzed. The first scheme involves IDA simulations using the seismic records of dataset N°1. In the second scheme, the transient analyses are carried out in a framework of a cloud analysis. The dataset of 78 natural seismic records (dataset N°2) is utilized to verify the findings obtained via IDA of the first scheme. The nonlinear solution of the system is found via the Newmark method. The step-by-step integration includes an implicit iterative procedure to account for the variation of the stiffness matrix at each time step. The procedure converges to a state that satisfies the material constitutive relations within the specified tolerance. The numerical procedure is summarized through the flow diagram presented in Figure 42. Non-linear iterative procedure. Further details can be found in (Franco, 2021).

Herein, it is required to find the solution for:

̈ ̇ ( )
where M is the time-invariant mass matrix (dd), C is the damping matrix (d d), and R is the resisting forces at time t that can be written as , where the stiffness matrix varies with time. As in the linear scheme, is the time dependent excitation force of size d represented by the base acceleration converted into the applied inertia load where L is the influence vector and the base acceleration. In this work, the construction of the damping matrix is based on the following hypotheses:

• A constant-damping assumption. That means that C is constant in the term ̇.

• A Rayleigh damping model with invariant coefficients ( = 1, 2) and invariant damping ratio .  Maximum inter-story displacement drift (MIDD) which is defined as the ratio between the relative displacement of two successive stories and the story height. MIDD is also considered as a global damage indicator that carries implicit information of damage at the material level.

MIDD is related to the performance levels of RC buildings in various guidelines and previous studies (ASCE /SEI 41, 2007;Ghobarah 2004;Ji et al, 2009) (Alwaeli et al, 2014). In general, MIDD has been found to be a convenient, user-friendly EDP and damage indicator that describes the global response of each building. In design of new structures, International Building Code (IBC) sets the maximum drift for normal buildings at between 0.7% and 2.5% of story height, while Eurocode 8 specifies between 1% and 1.5%.

Let us note that MTRD and MIDD do not necessarily coincide in time during time history analyses and that MIDD location varies depending on the governing mechanical behavior of the structure. Both conditions are expected to be captured by the HBFEM models of the studied structures during elastic and inelastic responses.

As the selection of EDPs must agree with the selected IMs, we decide to verify the correlation between MTRD and MIDD and common amplitude-based IMs: Peak Ground Acceleration (PGA), Peak Ground Velocity (PGV), and Peak Ground Displacement (PGD). For that, we perform linear time history analyses using the ground motions of data set N°1 over the four structure configurations presented in §4.1.1. Table 21 and Table 22, together with Figure 43 present the correlation results through the correlation coefficient R² for each of the structures and the tested IMs.

In total 48 transient analyses are performed. In Figure 42, each point corresponds to a different analysis and each color to a different structure. Blue dots for structure 1, yellow dots refer to structure 2, green dots represent structure 3, and red dots are for structure 4. Lines represent the linear regression performed for each structure cloud of points. Just to recall, the coefficient of determination R² can be interpreted as how well the regression model fits the data and ranges from 0 and 1. The better the fitting, the closer R² will be to 1. In total 48 transient analyses are performed. In Figure 42, each point corresponds to a different analysis and each color to a different structure. Blue dots for structure 1, yellow dots refer to structure 2, green dots represent structure 3, and red dots are for structure 4. Lines represent the linear regression performed for each structure cloud of points. Just to recall, the coefficient of determination R² can be interpreted as how well the regression model fits the data and ranges from 0 and 1. The better the fitting, the closer R² will be to 1.

It is observed that there is a good correlation between the tested IMs and the selected EDPs; however, R² values are particularly higher for PGV regarding the four structures. It is noticed that the longer the structural period the higher is the correlation with PGD. The contrary happens with PGA and PGV. These results are expected and motivate the use of PGV as IM for the derivation of the analytical fragility curves that are presented further in this document.

Concerning the selected EDPs, MTRD and MIDD, both maintain the same correlation tendency with respect to PGA, PGV, and PGD but the values pertaining to MIDD are slightly closer to 1.

A closer look to the graphs of PGA shows that for structures 3 and 4 mainly, there is a group of points of ground motions with similar PGA (closer to 0.05 m/s²) that generates large variations of MTRD and MIDD values. Similar occurrences are found for PGD around 0.1 m. In the case of PGV, the cloud of points seems to be well distributed for all the structures. Let us note that are some other IMs such as spectral acceleration which carries useful GM information related to energy content, duration, or frequency that might be more efficient than PGA and PGD or even PGV for the studied structures. However, this study keeps working with PGV as main IM because of the outstanding correlations obtained in these results among the tested amplitude-based IMs, its simplicity, and applicability in IDA procedures. Case 1: body waves (i.e., the total signal exempted from the Rayleigh wave component) and Case 2: the total signal (including the Rayleigh wave component).

In the scaling process, both signals (with and without Rayleigh wave) are amplified by the same SF. The set of total wave PGA values are equally spaced from 0.6 m/s² to 2.94 m/s² (i.e., 0.60, 1.20, 1.80, 2.40, and 2.94 m/s²) that in terms of PGV of body waves, it generates values from 0.20 m/s and 0.79 m/s. In total, each structure is subjected to (12 5 = 60) time history analyses per each loading case. Table 24 and Table 25 present the maximum scaled PGA and PGV values for the signals of the loading Case 1 and Case 2, respectively. Notice that for the last two records, TKY018 and TKY020, the maximum scaled PGA value of the total wave is larger than 2.94 m/s². This is because we decide to use SFs for amplifying these two signals instead of reducing their amplitude. Then, five SFs spaced of 1 (1, 2 , 3 , 4, and 5) are used. All four structures are subjected to a total of 120 ground motions. In the following paragraphs the results of the conducted time history analyses are commented.

We compare in Figure 44 the seismic response obtained for the eight-story structure (structure 2) under both loading cases Case 1 (without Rayleigh waves) and Case 2 (with Rayleigh waves) using the scaled ground motion GVDA00 with SF=5 as an example. PGV of body waves reaches a value of 0.05m/s (PGA=0.78 m/s²) and PGV of total waves arrives at 0.15m/s (PGA=0.895 m/s²). The red and blue lines in the graphs belong to the loading Case 1 and Case 2, respectively. We plot the ground motion acceleration, the time history of the average top horizontal displacements drift, and the relative story drift at maximum response. It is observed that a significant difference between both acceleration histories is

The last graphs plot the interstory drift computed along the structure height at maximum response. It is possible to see that the maximum interstory drift under both loading cases are obtained between the 4 th and 7 th story of the structure. However, major differences are also obtained and the relative difference between the MIDD values of both loading cases attains 260%. Under these loading conditions, the seismic response of structure 2 remains in the elastic range and there is no exceedance of the damage thresholds defined in the previous section.

The Rayleigh wave effects can now be visualized on the IDA curves plotted in graphs of In general, we observe that Case 2 (which includes Rayleigh waves) exhibits larger demands compared to Case 1. However, for the tallest structure (HRB4), the IDA curves of Case 1 and Case 2 intersect at some IM levels, making the difference between both loading cases less evident. This can be attributed to its structural dynamic properties and the evolution of the frequency of the structure in the nonlinear range.

For all the studied structures, moderate damage, as defined by either MADD or MIDD, is reached only for some scaled records, according to the thresholds defined in §4.2.3 (2%). Furthermore, MADD and MIDD values are much larger for the tallest structures. This increment in the demand can be also evidenced from the slope tendency of the group of IDA curves. The slope tends to decrease while increasing the slenderness of the structure which traduces that for a same intensity level, a higher demand indicator value is obtained. If the maximum MIDD values are considered for HRB1 and HRB4, these are equal to 5% and 7%, respectively. These values exceed the common collapse damage state limits for these types of structures. By examining the ratio between the base shear and weight, given in the last column, it is noticed that the maximum base shear capacity of the structures is reached for several scaled records at PGVs around 0.2m/s. This also indicates a loss of bearing capacity and, indeed, the nonlinear seismic response of the studied structures. For a couple of scaled records, the seismic response of the structures remains in the linear elastic range.

It should be noted that for all of the structures and for some records, the phenomena identified by Vamvatsikos [START_REF] Vamvatsikos | Incremental dynamic analysis[END_REF] as "hardening" and "structural resurrection" are also present in the numerical simulations, as evidenced by the IDA procedure implemented for the studied pylons. The structure appears to recover after an increase in intensity level. As was done for bridge pylons in the previous chapter, the "structural resurrection" values are excluded from the fragility analysis at the IM level.

EFFECTS OF RAYLEIGH WAVES ON VULNERABILITY ASSESSMENT OF HIGH-RISE BUILDINGS

SEISMIC FRAGILITY ASSESSMENT 4.3.1

The seismic response amplifications obtained for the studied structures are coined up within a probabilistic framework using the notion of fragility function. Figure 46 presents the distribution of the amplification due to the Rayleigh waves together with the probability of exceedance of the computed amplification in terms of maximum interstory displacement drift (MIDD). The amplification here is measured through the ratio between the MIDD values obtained for Case 2 and Case 1;

. The probability of exceedance is given by the dots and is referred to as an empirical cumulative distribution function exceeding a given amplification. Two fitting curves are also presented; a probability curve and a power curve. The fitted probability curve defined by a median value θ and dispersion value β is calculated using a fragility fitting approach called method of maximum likelihood. For the amplifications related to IDD, θ is equal to .32. This means that there is a 50% of probability of exceedance of an amplification factor = 1.32 linked to the presence of Rayleigh waves. arameter β is interpreted as the dispersion of the data (0.41). The fragility curves show that the peak ground velocity for a 50% probability of exceeding slight damage ranges from approximately 0.2 to 0.3 m/s for the four building-type structure configurations. PGV values over 0.3 m/s are required to exceed the moderate damage limits.

All the median and dispersion values obtained using Case 1 and Case 2 are tabulated in Table 26 and Table 27, respectively. The comparison between the fragility curves obtained with both loading cases at each damage state for the four structures is presented in Figure 48. Each damage state is represented with a different type of line. Continuous and dashed lines are for slight and moderate, respectively. Globally, as encountered for bridge pylons, there is a higher probability of exceedance a damage threshold limit at a specific PGV value when taking into account the Rayleigh wave component. • For all the tested structures, fragility curves including Rayleigh wave effects are shifted to the left at 50% exceedance probability for both damage states. That is, the defined damage limit states are exceeded at lower PGV values than without the presence of Rayleigh waves. • Slight damage is exceeded with median values starting from 0.19 m/s under Case 2. A value slightly lower than under Case 1 (0.20 m/s) is obtained for HRB1. However, a difference of 22% is identified for HRB2. Similar discrepancies are obtained for the rest of the structures for slight and moderate damage states. • There is no superposition or interceptions of the fragility curves for Case 1 and Case 2 for all damage states. Fragility curves associated with Case 2, blue ones, are located to the left of the red ones. The quantification of the effects of Rayleigh waves is performed following the methods described in § 2.3.5. On the one hand, Method 1 and Method 2 depends on the fragility curve parameters already estimated for the pylons subjected to Case 1 and Case 2. The former computes the relative difference of the median values between the fragility curves for each loading case at every damage level. The latter relates the area under the curve within specific exceedence probability bounds. Each strategy provides a quantitative value associated with the discrepancies between Case 2 and Case 1. This value should be then read as an amplification factor due to the presence of Rayleigh waves on the fragility analysis of the studied structures.

METHOD 1

Table 28 presents the relative difference of the median computed with , we recall that refers the IM value at a 50% exceedence probability of a specific damage state of the loading case : 1 for Case 1, and 2 for Case 2. The values on this table are coloured in the green -red scale. The light green and the strong red colors represent the lowest and the highest relative difference, respectively. Values of reaches around 20% at slight damage states for structure 2 (HRB2), structure 3 (HRB3), and structure 4 (HRB4) and values no larger than 10% for the shortest one (HRB1). As aforementioned, these differences can be associated with the frequency content of the selected ground motions and the evolution of the dynamic properties as the structure incurs in nonlinear range behavior. The green -red scale representation helps to qualitatively show that the effects of Rayleigh waves have a tendency to decrease at higher damage levels.

IN BRIEF…

Chapter 4 focuses on the generation of fragility curves for building-type structures and the study of the Rayleigh wave effects on their seismic response.

The methodology detailed in Chapter 2 is implemented and adapted to the studied high-rise buildings configurations. A set of four realistic steel buildings is studied, covering different heights within the same typology.

To facilitate parametric computations, an equivalent beam model based on a homogenization technique is used to model the seismic response of the studied structures. This model allows numerical simulations based on the finite element method coupled with multifiber beam element method. The integration of the nonlinear constitutive laws is performed at the material scale.

Two EDPs are selected to be appropriate for the studied structures: maximum top roof displacement (MTRD), and maximum inter-story displacement drift (MIDD).

Linear elastic transient analyses are conducted to verify the correlation between MTRD and MIDD and common amplitude-based IMs: Peak Ground Acceleration (PGA), Peak Ground Velocity (PGV), and Peak Ground Displacement (PGD). It is found that PGV is the most correlated measure for the selected EDPs. MIDD shows the highest correlation coefficient values R² for all the tested IMs for all the structures. Incremental Dynamic Analysis is performed using the twelve ground motions of data-set N°1. The nonlinear response of all the structures is analyzed and represented via IDA curves. The seismic response of the studied structures subjected to the ground motions of the loading case 2 (including Rayleigh waves) exhibits much larger demands than the ones obtained with case 1 (body waves).

Analytical fragility curves for loading Case 1 (without Rayleigh waves) and Case 2 (including Rayleigh waves) are generated using the least squares regression procedure as described in Chapter 2. The probability of exceedance for slight and moderate damage states is calculated as a function of the PGV of body waves.

Significant shift and amplification in fragility curves are obtained because of the presence of Rayleigh waves. This means that an increase in the probability of exceeding a damage limit at a given PGV is obtained for all buildings when the Rayleigh wave effects are taken into account.

In agreement with the amplification factors found for pylons, the average amplification values on the fragility of the studied HRB vary between 20% and 30% depending on the structural characteristics and the studied damage state.

GENERAL CONCLUSIONS 5.

In this study, we generate fragility curves for long period structures focusing on the study of the Rayleigh wave effects on their seismic response.

We start by describing the general methodology implemented for deriving seismic fragility curves of the structures of interest. We justify the selection of the EDPs and the methodology to derive the fragility curves. The probability density model for the selected EDPs and the chosen IMs is analyzed. The definition of the damage state limits is performed through a nonlinear static analysis and the obtained thresholds are compared with the values given in the literature. Once the damage state limits are defined, the fragility curves for loading Case 1 (without Rayleigh waves) and Case 2 (including Rayleigh waves) are generated.

Rayleigh waves can amplify ground motion at certain frequencies, leading to higher levels of excitation and increased damage potential.

Three strategies to quantify the shift and the amplification in fragility curve for each damage state because of the presence of Rayleigh waves are proposed based on i) median shift, ii) FC area, and iii) risk analysis. Significant shift and amplification in fragility curves are obtained because of the presence of Rayleigh waves. That means that an increase in the probability of exceeding a damage limit at a given PGV is obtained for all structures when the Rayleigh wave effects are taken into account.

Concerning bridge pylons, in agreement with the results reported by [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF], the fragility study performed in this work shows that pylons of 50m and 60m height are the most fragile to Rayleigh wave effects for the first damage limit states; slight and moderate. This conclusion was also drawn in [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF] despite the difference on the constitutive laws and the used numerical modeling strategy. Significant fragility shifts are observed for the severe damage states of the shortest pylons. Average amplification values on the fragility vary between 20% and 35% depending on the structural characteristics and the studied damage state.

Structure response due to Rayleigh waves can be amplified up to an order of magnitude. Pylon response due to Rayleigh waves can be amplified up to 15 times. There is 50% probability of exceeding an amplification of 2. For the studied building structures, the amplification can be up to 4 times.

In general, the fragility study shows that long-period structures are fragile to Rayleigh wave effects. It is important to consider the effects of Rayleigh waves in the design and analysis of these structures to ensure their safety and performance under seismic loading conditions.

The following table summarizes the amplifications obtained for the studied structures. The fragility amplification is computed based on the median shift or the area ratio methods at slight damage limit exceedance. Future works for building structures will be dedicated to evaluate the effects of Rayleigh waves on SSI models. Rayleigh waves can interact with the soil and cause soil-structure interaction effects that can influence the dynamic response of high-rise buildings. 
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 7 Figure 7. Stages for the development of fragility curves. Adapted from[START_REF] Nielson | Analytical fragility curves for highway bridges in moderate seismic zones[END_REF].

  a) Case 1: The signal without the Rayleigh wave component b) Case 2: The total signal, i.e., including the Rayleigh wave component The signals excluding the Rayleigh wave component are obtained via the direct subtraction of the extracted Rayleigh wave signal (Prograde or retrograde) from the original or total signal (which obviously contains the Rayleigh wave component). For the Rayleigh waves extraction, a filtering technique is used based on polarization characteristics and the procedure developed by (Meza-Fajardo, et al., 2015) using a time-frequency representation of the three component earthquake records (Stockwell transform) and the -normalized inner product‖ as the mathematical expression of the polarization. The signals without the Rayleigh waves are assumed to be entirely composed of body waves and are coined in a seismic loading called Case 1. The total signals have both body and Rayleigh wave components and are coined in the loading Case 2.
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 11 Figure 11. Location of the seismological stations of the studied data set obtained for Los Angeles (top) and Japan (bottom).In black, the location of the stations of the 12572 initial set of records. In red, the location of the stations of the 651 selected records after the simple pick-up strategy.
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 15 Figure 15. PGVand PGA of the selected ground motion records. Total waves (Blue) and body waves (red).
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 16 Figure 16. Spectral acceleration of selected ground motion records. Total waves (Blue) and body waves (red).
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  Method 1: Moments approximation procedure a) Plot against b) Define damage state limits ( ) c) Identify the first IM for which capacity is exceeded by the demand at each IDA curve ( ). d) Compute the cumulative distribution of the values. e) Estimate the median and standard deviation of the log values f) Based on and , generate the fitting log-normal distribution function for each damage state. Method 2: Maximum likelihood procedure
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 20 Figure20. Plot of the fragility curve parameters obtained by using method 1: Moments approximation, method2: Maximum likelihood fit for truncated IDA analysis, and method 3: Linear regression.
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 21 Figure 21. Fragility curves obtained for pylon P50L using Method 1-MF (Black), Method 2-MLE (Red), and Method 3-LS regression (Grey) for each damage state. Slight: line, moderate: dashed line, extensive: dashed-dot lined, and collapse: dotted line.
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 22 Figure 22. Seismic Risk calculation with hazard curve and fragility curve . Reproduced from (Droszcz, et al., 2022)
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 23 Bridge pylon model Table 7. Geometry and material properties of the pylons
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 24 Figure 24. Global kinematics of the studied bridge pylons

  Figure 25. (a) Base shear and top displacement ( -response and (b) the bending moment -curvature ( -) response for the five pylons: P21L (green), P30L (black), P40L (blue), P50L (orange), and P60L (red).
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 27 Figure 27. Material damage on the average linearized ( -) response.
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 29 Figure 29. Description of the analyses performed within an IDA frameworkIn total, 1920 time history analyses are performed. The seismic response for each loading case (Case 1 and Case 2) is compared on the following graphs for a specific case of the tested pylons. The unscaled acceleration records of the Niigata-ken Chuetsu earthquake (Mw = 6.8) recorded on the station CHB026 for Case1 and Case 2 are displayed on Figure30. PGAs for both cases are the same but between 100s and 200 s we can notice that there is a significant contribution linked to the presence of Rayleigh waves.
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 30 Figure 30. Unscaled acceleration record CHB026.(a) Case 1: body wave (total signal without Rayleigh waves) and (b) Case 2: total signal

  0.02 m). Note that displacements for Case 2 are much larger at several time intervals in the time window 100-200s. The positive vertical displacements are the result of the geometry elongation (due to geometry non-linearity) of the pylon during the seismic loading.
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 31 Figure 31. Seismic response of P30L subjected to the scaled CHB026 record (PGV-body wave = 1 m/s) for Case 1 (left) and Case 2 (right).
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 32 Figure 32. Seismic response of P60L subjected to the scaled CHB026 record (PGV-body wave = 1 m/s) for Case 1 (left) and Case 2 (right).
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 34 Figure 34. IDA curves obtained for the tallest pylons P50L and P60L. Each line represents a specific GM. Each dot provides the value of PGV of body waves for an EDP.
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 37 Figure 37. Comparison of fragility curves of each damage state for Case 1 (red) and Case 2 (blue) for P21L, P30L, P40L, P50L, and P60L.
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 39 Figure 39. Comparison of fragility curves obtained from cloud analysis for Case 1 (red) and Case 2 (blue) for P21L and P60L.

  Figure 41. (a) Idealized one-bay frame structure studied in (Hans et al., 2008). (b) Mechanisms that govern its transverse behavior. (c) One-bay structure transverse deformation

Figure 42 .

 42 Figure 42. Non-linear iterative procedure.(Franco, 2021) Similarly of what is performed in §3.2 for bridge pylons, the transient nonlinear analyses are conducted in an IDA framework using the ground motion dataset of the 12 signal records presented in §2.3.1.1. In

Figure 43 .

 43 Figure 43. Linear correlation between the selected EDPs: MTRD and MIDD, and the tested IMs: PGA, PGV, and PGD. MTRD is given in cm and MIDD is unitless.

  Figure 45. The maximum values of each of the damage indicators, maximum average displacement drift (MADD) equal to MTRD/ , MIDD, and the lateral-bearing capacity expressed in terms of the ratio between the base shear and the weight of the structure, named MRBW, are plotted against PGV of body waves. The results pertaining to each record are gathered and represented in a continuous IDA curve. Thus, in each graph, there are twelve red curves for Case 1, and twelve blue curves for Case 2. Each row refers to a specific structure: structure 1 (HRB1), structure 2 (HRB2), structure 3 (HRB3), and structure 4 (HRB4).

  Figure 46 (a) Distribution of response amplification and (b) probability of exceedance of a specific amplification in terms of MIDD due to the horizontal component of Rayleigh waves for all the studied structures.

Figure 47

 47 Figure47provides the fragility curves as a function of PGV of body waves of slight and moderate for all structures under loading Case 1. Each color line represents a different structure. All the EDPs have been combined, plotting the most critical case for each structure (that is, the fragility curve with the smallest median value).

Figure 47 .

 47 Figure 47. Fragility curves of Case 1 for all structures and damage state limits.

Figure 48 .

 48 Figure 48. Comparison of fragility curves of slight and moderate damage states for Case 1 (red) and Case 2 (blue) for HRB 1, HRB 2, HRB 3 and HRB 4. QUANTIFICATION OF RESPONSE AMPLIFICATION DUE TO RAYLEIGH WAVES 4.3.2

Figure B3 .

 B3 Figure B3. Comparison of fragility curves of each damage state for Case 1 (red) and Case 2 (blue) for P21L, P30L, P40L, P50L, and P60L.

Figure B5 .Figure B6 .

 B5B6 Figure B5. Distribution of response amplification due to the horizontal component of Rayleigh waves for P40L and P50L.

FigureFigure B8 .

 B8 Figure B7. (a) Probability of occurrence and (b) Probability of exceedance of a specific amplification in terms of curvature ductility ratios (CDR) due to Rayleigh waves for P60L.

Figure B9 .

 B9 Figure B9. Probability of exceedance of a specific amplification in terms of curvature ductility ratios (CDR) due to Rayleighwaves for all the studied pylons.

Figure B11 .

 B11 Figure B11. Probability of exceedance of a specific amplification in terms of maximum total drift (MTD) due to Rayleighwaves for all the studied pylons.
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 27 Parameters of fragility curves for high rise building limit state .

Table 1 .

 1 Considered intensity measures in this study. Classification according to[START_REF] Pierre-Yves | Engineering characterization of seismic ground motion and key controling factors[END_REF][START_REF] Biasio | Ground motion intensity measures for seismic probabilistic risk analysis[END_REF] 

	Intensity type	Intensity measures	Description	Units
	Peak based		Peak ground acceleration	m/s 2
			Peak ground velocity	m/s
			Peak ground displacement	m
	Frequency-response based		Spectral acceleration	m/s 2
			Spectral velocity	m/s
			Spectral displacement	m
	Energy based		Spectral intensity	m
			Arias intensity	m/s
			Cumulative absolute velocity	m/s
			Root mean-square acceleration m/s 2

Table 2 .

 2 Earthquake

			Earthquake	Niigata-ken Chuetsu	El Mayor-Cucapah	Chi-Chi aftershock 1803	Tohoku
			Year		2004			2010		1999		2011
	Record		Magnitude Depth [km]		6.80 300.00		7.20 206.70		6.20 60.00		9.00 29.00
			Record Name	CHB0 26	CHB0 13	SIT0 11	TKY0 15	GVDA 10	GVDA 00	TCU1 40	TCU1 45	TCU1 18	TCU1 12	TKY 020	TKY 018
			PGA [m/s2]	0.06	0.07	0.26	0.15	0.18	0.17	0.36	0.40	0.45	0.36	1.15	1.73
			PGV [m/s]	0.01	0.01	0.03	0.03	0.03	0.03	0.16	0.14	0.15	0.12	0.25	0.36
	Total signal Case 2:	waves) Rayleigh (with	PGD [m] [m/s] CAV [m/s] SI [m]	0.01 0.002 1.56 0.303	0.01 0.002 0.017 0.013 0.02 0.02 0.83 2.69 3.17 0.323 1.017 0.986	0.06 0.009 1.72 0.501	0.04 0.010 1.67 0.509	0.13 0.110 6.35 3.487	0.12 0.085 5.44 3.141	0.10 0.091 4.63 3.806	0.09 0.061 3.63 2.934	0.10 0.975 2.013 0.10 23.28 32.20 7.973 10.9
			Effective Duration [s]	243.26	87.94 70.16 157.70 46.01	40.77	58.33	62.01	47.76	43.33 103.32 95.40
	Case 1: wave component Body	waves) Rayleigh (without	PGA [m/s2] PGV [m/s] PGD [m] [m/s] CAV [m/s]	0.06 0.01 0.01 0.00 1.42	0.07 0.01 0.01 0.00 0.78	0.26 0.03 0.02 0.02 2.51	0.15 0.02 0.02 0.01 2.98	0.11 0.01 0.02 0.00 1.36	0.16 0.01 0.01 0.01 1.36	0.31 0.10 0.08 0.06 4.73	0.36 0.08 0.07 0.05 4.06	0.36 0.11 0.07 0.06 3.62	0.25 0.07 0.06 0.03 2.43	1.07 0.23 0.10 0.69 19.01 25.26 1.42 0.29 0.10 1.23

events and seismic records together with the intensity measures for the total signal (with Rayleigh waves) and the body wave signal (without Rayleigh waves)

Table 3 .

 3 CMS selection and target earthquake scenario parameters

	Selection parameters		Target earthquake rupture scenario	
	Number of ground motions Matching period, Matching spectral acceleration,	78 1s 0.3g	Magnitude, Distance to rupture Vs30	6.0 11km 240
	Maximum scaling factor	15		m/s

Figure 17. Example of the 78 body wave component response spectra for a scenario M=6 at 11 km distance represented by its conditional mean spectrum conditioned for .

Figure 18. Conditional median of the target and selected record spectra Figure 19. PGV and PGA values for the scaled GM records using the CMS tool 22 NONLINEAR RESPONSE OF LONG-PERIOD LARGE INFRASTRUCTURE 2.3.2

Table 4 .

 4 Summary of the numerical analyses, modeling technique, and engineering demand parameters for the studied bridge pylons and high-rise buildings.

	Item	Bridge pylons	High-rise buildings
			(HRB)
	Numerical analysis	Full nonlinear time	Full nonlinear time
		history (IDA and Cloud	history analysis
		analysis)-first-mode	(IDA and Cloud
		pushover analysis	analysis)
	Modeling technique	FEM model -fixed at	HBFEM model -fixed
		the base (Seismostruct)	at the base
	Engineering demand	Maximum total drift,	Maximum interstory
	parameters (EDPs)	maximum curvature	drift, maximum top
		ductility ratio	roof displacement

Table 5 .

 5 Damage state limits of reference for the tested bridge pylons

		EDP	Units Slight Moderate Extensive Collapse
		Curvature Ductility Ratio-CDR	(-)	1.00	2.00	4.00	7.00
		Foundation Settlement-FS	(m)	0.02	0.08	0.22	0.70
		Maximum Total Drift-MTD /	(%)	1.45	2.46	4.30	6.90
	2.3.4	DERIVATION OF FRAGILITY CURVES			

Table 9

 9 

	Pylon		(MN)	(	) (MNm)
	P21L	7	2.85		66.2
	P30L	10	1.83		66.1
	P40L	13.33	1.19		63.7
	P50L	16.67	0.78		60.2
	P60L	20	0.48		57.4

. Shear force peaks for each pylons and their associated bending moment at the base cross section ( ).

Table 10

 10 

	. Moment -curvature ( -) response values for the computation of the linearized	-) response
	Pylon	(MNm 2 )	(MNm)	(1/m)	(1/m)
	P21L 1677153.42	69.58	2.56E-02 3.02E-03
	P30L 1588679.23	69.84	2.41E-02 2.70E-03
	P40L 1849726.47	70.40	2.76E-02 2.66E-03
	P50L 1790996.34	70.90	2.64E-02 2.28E-03
	P60L 1788946.84	71.14	2.63E-02 2.41E-03
		Average	70.37	2.60E	

-02 2.62E-03 Figure

  

26. Moment -curvature ( -) response (grey) and its average linearized curve (red).

m , m, m .

Table 11 . Damage state limits for the selected EDPs EDP Units Slight Moderate Extensive Collapse

 11 

		Curvature Ductility Ratio-CDR (-)	1.00	3.00 (2.00)* 6.00 (4.00)* 10.00 (7.00)*
		Maximum Total Drift-MTD	(%)	1.45	2.46	4.30	6.90
		Vertical Displcement-VD	(m)	0.02	0.05	0.08	0.10
		*Values proposed in (Pitilakis et al., 2014)			
	3.2.4	INCREMENTAL DYNAMIC ANALYSIS (IDA)		

Table 13 .

 13 Fragility curve parameters for the tested pylons for CDR as EDP.

	CDR	Slight (m/s)		Moderate (m/s)	Extensive (m/s)	Collapse (m/s)
	P21L	0.684	0.626	1.500	0.626	2.460	0.626	3.543	0.626
	P30L	0.809	0.642	1.762	0.642	2.880	0.642	4.136	0.642
	P40L	1.069	0.508	2.521	0.508	4.332	0.508	6.456	0.508
	P50L	1.614	0.325	4.533	0.325	8.697	0.325	14.056	0.325
	P60L	2.258	0.265	6.819	0.265	13.693	0.265	22.890	0.265

Table 14 .

 14 Fragility curve parameters for the tested pylons for MTD as EDP.

	MTD	Slight (m/s)		Moderate (m/s)	Extensive (m/s)	Collapse (m/s)
	P21L	0.737	0.446	1.175	0.446	1.924	0.446	2.921	0.446
	P30L	0.700	0.497	1.093	0.497	1.752	0.497	2.612	0.497
	P40L	0.665	0.431	1.052	0.431	1.708	0.431	2.575	0.431
	P50L	0.741	0.382	1.254	0.382	2.187	0.382	3.503	0.382
	P60L	0.962	0.345	1.760	0.345	3.333	0.345	5.723	0.345

Table 15 .

 15 Fragility curve parameters for the tested pylons for VD as EDP.

	VD	Slight (m/s)		Moderate (m/s)	Extensive (m/s)	Collapse (m/s)	
	P21L	1.817	0.480	4.177	0.480	6.400	0.480	7.838	0.480
	P30L	3.758	0.433	12.486	0.433	23.116	0.433	30.968	0.433
	P40L	5.338	0.464	72.757	0.464	277.83	0.464	524.86	0.464
	P50L	9.805	0.473	84.472	0.473	254.946	0.473	430.737	0.473
	P60L	12.992	0.341	188.239	0.341	741.727	0.341	1422.283	0.341

Table 16 .

 16 Parameters of fragility curves for bridge pylon limit state (Case 1)

		Slight		Moderate	Extensive	Collapse	
		(m/s)		(m/s)		(m/s)		(m/s)	
	P21L	0.684	0.626	1.182	0.444	1.940	0.444	2.952	0.444
	P30L	0.700	0.497	1.093	0.497	1.752	0.497	2.612	0.497
	P40L	0.666	0.430	1.056	0.430	1.719	0.430	2.596	0.430
	P50L	0.741	0.382	1.254	0.382	2.187	0.382	3.503	0.382
	P60L	0.962	0.345	1.760	0.345	3.333	0.345	5.723	0.345

Table 17 .

 17 Parameters of fragility curves for bridge pylon limit state (Case 2)

			Slight		Moderate	Extensive	Collapse
			(m/s)		(m/s)		(m/s)		(m/s)
	P21L	0.504	0.470	0.867	0.327	1.388	0.327	2.066	0.327
	P30L	0.469	0.415	0.716	0.415	1.119	0.415	1.634	0.415
	P40L	0.410	0.511	0.687	0.511	1.184	0.511	1.878	0.511
	P50L	0.441	0.509	0.836	0.509	1.644	0.509	2.915	0.509
	P60L	0.563	0.546	1.109	0.546	2.269	0.546	4.162	0.546
	3.3.2	QUANTIFICATION OF RESPONSE AMPLIFICATION DUE TO RAYLEIGH WAVES

Table 18 .

 18 Comparison between fragility curves with and without the Rayleigh wave effects through the relative median

		difference	in percent (Method 1)	
	Pylon	Slight	Moderate Extensive	Collapse
	P21L	26%	27%	28%	30%
	P30L	33%	34%	36%	37%
	P40L	38%	35%	31%	28%
	P50L	40%	33%	25%	17%
	P60L	41%	37%	32%	27%

Table 19 .

 19 Comparison between fragility curves with and without the Rayleigh wave effects through the amplification factor (Method 2)

	Pylon	Slight	Moderate Extensive	Collapse
	P21L	24%	33%	35%	36%
	P30L	33%	35%	36%	37%

Table 21 .

 21 Correlation coefficient R² for the correlation between maximum top roof displacement (MTRD) and the selected intensity measures; PGA, PGV, and PGD.

	MTRD		Structure		
		1	2	3	4
	PGA	0.78	0.82	0.44	0.57
	PGV	0.9	0.94	0.7	0.78
	PGD	0.68	0.62	0.81	0.82

Table 22 .

 22 Correlation coefficient R² for the correlation between maximum inter-story displacement drift (MIDD) and the selectedintensity measures; PGA, PGV, and PGD.

	MIDD		Structure		
		1	2	3	4
	PGA	0.88	0.79	0.56	0.79
	PGV	0.96	0.9	0.8	0.88
	PGD	0.65	0.63	0.77	0.65

Table 24 .

 24 Scaled factors used for Case 1: Body wave signal

	Case 1: Body wave signal	PGA (m/s²) PGV (m/s) Maximum SF Max PGA (m/s²) Max PGV (m/s)
	ACC_CHB013_Record_DIF	0.074	0.01	39.6	2.94	0.41
	ACC_CHB026_Record_DIF	0.060	0.01	49.1	2.94	0.53
	ACC_GVDA00_Record_DIF	0.156	0.01	17.0	2.65	0.22
	ACC_GVDA10_Record_DIF	0.110	0.01	16.4	1.80	0.21
	ACC_SIT011_Record_DIF	0.257	0.03	11.5	2.94	0.36
	ACC_TCU112_Record_DIF	0.253	0.07	8.3	2.09	0.62
	ACC_TCU118_Record_DIF	0.359	0.11	6.5	2.32	0.70
	ACC_TCU140_Record_DIF	0.314	0.10	8.1	2.55	0.79
	ACC_TCU145_Record_DIF	0.359	0.08	7.4	2.65	0.59
	ACC_TKY015_Record_DIF	0.148	0.02	19.9	2.94	0.48
	ACC_TKY018_Record_DIF	1.425	0.29	5	2.41	1.45
	ACC_TKY020_Record_DIF	1.073	0.23	5	2.74	1.15

Table 25 .

 25 Scaled factors used for Case 2: total signal

	Case 2: Total signal	PGA (m/s²) PGV (m/s) Maximum SF Max PGA (m/s²) Max PGV (m/s)
	ACC_CHB013_Record_TOT	0.074	0.01		2.94	0.54
				39.6		
	ACC_CHB026_Record_TOT	0.060	0.01	49.1	2.94	0.64
	ACC_GVDA00_Record_TOT	0.173	0.03	17.0	2.94	0.55
	ACC_GVDA10_Record_TOT	0.179	0.03	16.4	2.94	0.57
	ACC_SIT011_Record_TOT	0.257	0.03	11.5	2.94	0.37
	ACC_TCU112_Record_TOT	0.356	0.12	8.3	2.94	0.97
	ACC_TCU118_Record_TOT	0.455	0.15	6.5	2.94	0.95
	ACC_TCU140_Record_TOT	0.362	0.16	8.1	2.94	1.32
	ACC_TCU145_Record_TOT	0.397	0.14	7.4	2.94	1.05
	ACC_TKY015_Record_TOT	0.148	0.03	19.9	2.94	0.56
	ACC_TKY018_Record_TOT	1.735	0.36	5	8.67	1.79
	ACC_TKY020_Record_TOT	1.149	0.25	5	5.75	1.26

Table 26 .

 26 Parameters of fragility curves for high rise building limit state

		Case 1		
		Slight		Moderate
		(m/s)		(m/s)	
	HRB1	0.198	0.412	0.309	0.412
	HRB2	0.321	0.393	0.462	0.393
	HRB3	0.291	0.427	0.419	0.427
	HRB4	0.263	0.420	0.370	0.420

Table 27 .

 27 Parameters of fragility curves for high rise building limit state

		Case 2		
		Slight		Moderate
		(m/s)		(m/s)	
	HRB1	0.187	0.417	0.296	0.417
	HRB2	0.249	0.453	0.379	0.453
	HRB3	0.238	0.374	0.354	0.374
	HRB4	0.208	0.344	0.307	0.344

Table B1 .

 B1 Parameters of fragility curves for bridge pylon limit state (Case 1)

	CDR	Slight (g)		Moderate (g)	Extensive (g)	Collapse (g)
	P21L	0.385	0.976	0.894	0.736	1.917	0.736	3.655	0.736
	P30L	0.399	0.809	0.809	0.809	1.708	0.809	3.215	0.809
	P40L	0.370	0.695	0.717	0.695	1.442	0.695	2.606	0.695
	P50L	0.427	0.552	0.853	0.552	1.776	0.552	3.303	0.552
	P60L	0.598	0.479	1.311	0.479	3.004	0.479	6.062	0.479

Table B2 .

 B2 Parameters of fragility curves for bridge pylon limit state (Case 2)

	CDR	Slight (g)		Moderate (g)	Extensive (g)	Collapse (g)
	P21L	0.262	0.805	0.558	0.585	1.050	0.585	1.792	0.585
	P30L	0.239	0.681	0.417	0.681	0.749	0.681	1.230	0.681
	P40L	0.202	0.626	0.372	0.626	0.709	0.626	1.225	0.626
	P50L	0.223	0.558	0.458	0.558	0.979	0.558	1.863	0.558
	P60L	0.302	0.545	0.628	0.545	1.359	0.545	2.613	0.545
					93				

Table B3 .

 B3 Comparison between fragility curves with and without the Rayleigh wave effects through the relative median difference (Method 1). PGA as IM Figure B4. Distribution of response amplification due to the horizontal component of Rayleigh waves for P21L and P30L.

	Pylon	Slight	Moderate Extensive	Collapse
	P21L	32%	38%	45%	51%
	P30L	40%	48%	56%	62%
	P40L	45%	48%	51%	53%
	P50L	48%	46%	45%	44%
	P60L	49%	52%	55%	57%
			94		

Table 30 .

 30 Amplification factor obtained from each implemented procedure

						Af		
					Slight	Moderate Extensive	Collapse
			YaelPerraud results P21S	1.04	1.15	1.22	1.30
				P30S	1.10	1.17	1.22	1.27
			SSI	P40S	1.14	1.16	1.18	1.20
	PGV		P21L P30L	1.05 1.09	1.10 1.13	1.14 1.16	1.18 1.19
	IDA analysis,	Franco results	P40L P50L P60L P21L	1.00 1.27 1.45 1.32	1.09 1.27 1.40 1.49	1.18 1.26 1.35 1.53	1.25 1.26 1.57 1.31
				P30L	1.50	1.53	1.56	1.59
			fixed base	P40L	1.49	1.43	1.36	1.31
				P50L	1.53	1.40	1.27	1.16
				P60L	1.51	1.43	1.35	1.28
	Cloud Analysis,	PGV -MTD	Franco results fixed base	P21L P30L P40L P50L P60L	1.03 1.07 1.06 1.03 1.00	1.01 1.06 1.04 1.01 -	1.00 1.06 1.03 --	1.00 1.06 --1.02
	Cloud Analysis,	PGV -CDR	Franco results fixed base	P21L P30L P40L P50L P60L	1.02 1.08 1.00 1.00 1.00	1.00 1.07 1.00 1.00 1.00	1.00 1.07 1.00 1.00 1.00	1.00 1.06 1.00 1.00 1.00
	Cloud Analysis,	Sa-MTD	Franco results fixed base	P21L P30L P40L P50L P60L	1.00 1.18 1.20 1.11 1.01	1.00 1.16 1.15 1.04 1.00	1.00 1.14 1.10 1.00 1.00	0.99 1.12 1.07 1.00 1.00
	Cloud Analysis,	Sa-CDR	Franco results fixed base	P21L P30L P40L P50L P60L	1.00 1.09 1.08 --	1.00 1.02 ---	0.99 1.00 ---	-1.00 ---

The list of the 78 selected records based on the simple picking and LHSMDU strategies is presented in Appendix A. All the selected seismic events are characterized by a moment magnitude Mw larger than 5.5. The PGA and PGV histograms of the total data set and the final data set are also presented in Figure 14 and Figure 15. Spectral accelerations for 5% damping of the total and body wave GM records are displayed in Figure 16. The PSDM graphs do not give any additional information to what is already observed from IDA curves concerning the effects of Rayleigh waves (comparison between Case 1 and Case 2). We verify that the pylons yield much higher seismic demands when subjected to Case 2 than when subjected to Case 1. However, it allows verifying that in the logarithmic scale the linear correlation between CDR and MTD with PGV is more efficient than the correlation between VD and PGV of the tallest pylons ( , which values are mainly the result of geometry nonlinearity effects. In general, the tallest pylons (i.e., P40L, P50L, P60L) shows a smaller than the shortest ones (i.e., P21L and P30L) overall when subjected to Case 2. For example, concerning CDR, the of the P50L is 0.86 and 0.66 for Case 1 and Case 2, respectively. The reason may be explained by the fact that higher seismic demands are attained whit Case 2 than with Case 1 and in return larger dispersions are obtained. We derive the fragility curves for each pylon with the three EDPs: the CDR, MTD, and VD. We recall that the fragility curves can be generated following Equation ( 22) once the dispersion values and the damage state limits represented by the median demand values are defined. In agreement with current practice, a log-normal cumulative distribution function is assumed for the damage fragility curves. See Table 6 for the equations associated with .

values vary for each EDP and each damage state as presented in Table 11.

The parameters of the log-normal cumulative distribution in terms of medians and dispersion

|

are listed in Tables 15 -17 considering the defined damage state limits for each pylon and each EDP for Case 1. Each table corresponds to a different EDP: CDR, MTD, and VD, respectively. Depending on the selection of the EDPs, very different fragility curves can be obtained. Thus why our first interest focuses on identifying which is the most critical EDP for each pylon, which is assumed to be the one with the smallest median value (at an exceedance probability of 50%). By looking at the values given in theses tables, it is observed that slightly increases from pylon to pylon while the dispersion decreases. This applies for all the EDPs. The dataset N°2 corresponding to the 78 records is utilized to perform a cloud analysis. PGV values for these seismic records range from 0.07m/s to 1.22m/s (see Table A.1 in Appendix A). Comparing these PGV values with those of the IDA results, the studied bridge pylons may not reach severe damage states; named extensive and collapse, whose thresholds could be exceeded (at 50% probability) with PGV values much larger than 1.5 m/s. Nevertheless, the most fragile pylon may reach slight and moderate damage states (0.60 m/s to 1.50 m/s) which can allow us to compare with the first state amplification factors obtained from IDA results. We recall that in IDA procedures, the records are scaled multiple times to large intensity values that may not correspond to real occurrences being one of the weakest points of the method. Figure 38 displays the cloud of points representing the relationship between PGV of body waves and the selected EDPs. Each point corresponds to a different transient analysis.

Figure 38. PGV of body waves and EPD relationships resulting from the cloud analysis using the unscaled ground motions of data-set N°2 for P50L and P60L. Each point represents a time history analysis using the loading case 1 (red) and case2 (blue).

from now on. Figure 40 schematizes the 12-story 3-bay frame planar structure (structure 3). The structural element cross sections for columns and beams correspond to steel I-shape sections. The typical story height and bay length are 4m and 6m, respectively. The lateral load resisting system corresponds to moment-resisting frames. The elastic fundamental period of the structures for fixed base conditions varies between 1.48s and 3.67s. Table 20 shows indicative building properties. Two types of modeling assumptions are considered. The first one concerns the superstructure. We assume that the building structure can be represented as one-dimensional model or beam. This beam model is able to capture the transverse dynamic behavior of the represented building structure under seismic excitations. The paragraphs in §4.1.2.1 detail the beam model description. The second modeling I-shape where corresponds to the total shear force, is the linear density of the external transverse load, and Λ is the linear mass (mass of the story divided by its height ). The combination of these equations, in the harmonic regime ( and [ ̂ ]), leads to a sixth order differential equation (Hans et al., 2008):

where is the circular frequency. For a structure clamped at the bottom and free at the top, the boundary conditions are , and ̂=0 at and ̂ , ̂ and ̂ at . Details on the construction of this equation can be found in (Hans et al., 2008)(Chesnais, 2010). Note that the EBM is an enriched form of the fourth-order Timoshenko beam equation. The higher differential equation order is attributed to an additional kinematic mechanism that may appear under large stiffness contrasts between the story structural elements. This sixth order differential equation can degenerate into more simplified beam models (e.g., shear beam or Timoshenko beam) according to the stiffness contrast between structural elements (see (Hans et al., 2008)). [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF] proposes and verifies a finite element formulation of the EBM built via virtual power formulation principles. This homogenized beam finite element (HBFEM) model is a 1D beam model discretized in finite elements with three degrees of freedom at each node. These three degrees of freedom are associated with the transverse motion of the structure described by the transverse displacement , the first derivative of the transverse displacement , and the story rotation . The total number of degrees of freedoms define the size of the structural response vector depending on , , and at time .

EQUIVALENT BEAM MODEL (EBM) -NUMERICAL FORM

The governing equation of motion is expressed in matrix form as [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF]:

where , , are the time-invariant mass, damping and stiffness matrices of the structure, respectively. The vector is the time dependent excitation force. The weak formulations of the HBFEM lead to a 6 × 6 generalized elementary stiffness matrix depending on the stiffnesses , , and and the finite element height The resultant 6 × 6 generalized elementary mass matrix depends only on and and corresponds to the mass matrix of the classical Euler-Bernoulli beam model where the rotational inertia is not involved because it is associated with much higher frequencies in frame structures (Chesnais, 2010). The development of this numerical formulation is well detailed in [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF]. An example code of the HBFEM application has been written in MatLab and is available in [START_REF] Franco | Seismic Fragility Functions of Bridge Pylons: Effects of Rayleigh -surface waves[END_REF] Damage state limits for high-rise buildings can be developed through nonlinear dynamic analysis or empirical methods. National and international building codes provide guidelines for the assessment of structural damage based on common metrics such as top roof displacement and inter-story drift.

Following the approach of the American Society of Civil Engineers (ASCE) 7 ((ASCE), 2010), two damage limits are selected for the current study, which are immediate occupancy (IO) and life safety (LS). These two damage states correspond to slight and moderate damage limit states. Slight damage refers to the limit of elastic behavior of the structural components. Moderate damage is associated with the loss of lateral bearing capacity of the structure with the preservation of its gravity load capacity. Threshold values for damage state limits on steel buildings vary depending on various factors such as building height, occupancy type, location, and seismic hazard. However, some commonly used threshold values for interstory drift in seismic design are as follows:

 Maximum inter-story drift ratio: The maximum inter-story drift ratio for low-rise steel buildings (up to 3 stories) is 0.025, for mid-rise steel buildings (3 to 10 stories) is 0.02, and for high-rise steel buildings (over 10 stories) is 0.015.

It is important to note that these values are conservative estimates and may not reflect the actual performance of a building during an earthquake. Further, these values are based on certain assumptions regarding the behavior of the building and ground motion characteristics and may not be applicable in all cases.

According to [START_REF] Nourel-Din Mohamed | Seismic Fragility Evaluation of RC Frames Retrofitted with Energy Dissipation Devices for Mainshock-Aftershock Sequence[END_REF], the IO and LS damage states thresholds for MIDD are related to values between 0.4% and 0.7% and between 1.0% and 1.5%, respectively. Table 23 summarizes the demand thresholds of reference for the damage states for HRB in this study. All damage states are assumed to follow a lognormal distribution. Transient nonlinear analyses are conducted in an IDA framework using the ground motion dataset of the 12 signal records presented in §2.3.1.1. To capture the response at several intensity measure levels, 5 scale factors (SF) are utilized. There is a slight difference from what was performed for bridge pylons. Herein, a single GM record is multiplied by 5 incremental SF to reach desired levels of PGA between 0.6 m/s² (0.06g) and 2.9 m/s² (0.3g). Notice we use this time PGA for the scaling process, but IDA curves and the analytical fragility curves will be built based on PGV values. With this we avoid stripes (dot lines) in the IDA curves and we favor the linear regressions performed during power-law approximations in the analytical fragility curves derivation. This slight change does not affect our final objective of computing the effects of Rayleigh wave on the fragility curves. The two loading cases are kept the same: located in the time window 50-100s, which coincides with the vicinity of PGA values. The maximum average top displacement drift (MADD), equal to MTRD/ , under Case 1 is 0.1%, which is much lower than the maximum allowable top roof drift given in Table 23 (10%). This value is obtained around 100s. On the contrary, the MADD value (0.25%) under Case 2 (Total waves) arises about 70s and corresponds to a value 2.5 times larger than the obtained with Case 1. 

METHOD 2

The values of for each building are given in Table 29 in percentage. Similarly to what is obtained using Method 1, the response of HRB2 and HRB4 for slight damage is observed to be more affected by the presence of Rayleigh waves with approaching 30%. In general, the average amplification because of the presence of Rayleigh waves oscillates between 20% and 28% for the tallest structures. This is in agreement with the relative median difference computed with Method 1. Each dot provides the value of PGA of body waves for an EDP.